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Abstract: The Jinnosuke-dani landslide is a giant landslide 2,000 m long and 500 m wide in the Haku-san 

Mountain area, Japan. It was also the first landslide to be designated as a “Landslide Prevention Area” ac-

cording to the “Japan Landslide Prevention Law”. This landslide consists of alternating layers of sandstone 

and shale in the Tedori Formation, which was deposited from the Jurassic period to the Early Cretaceous. 

Based on deformation monitoring results for more than 7 years, the landslide is divided into upper and 

lower blocks. The upper block has moved at a speed of 80 to 170 mm/year, while the lower block has 

moved more slowly (3 to 15 mm/year). Monitoring data show that the variation of the groundwater level 

has a great influence on the landslide movement. The deteriorating effect of the weathering of the alternat-

ing layers of sandstone and shale on the landslide deformation has been confirmed by borehole exploration 

and monitoring. 

KEYWORDS: Jinnosuke-dani landslide, Japan, weathering; rockslide; reversal of topography; 

groundwater; deformation; monitoring 

1. Introduction 
Haku-san Mountain, an active volcano with summit elevation of 2,703 m, is located at the boundary be-

tween Ishikawa Prefecture and Gifu Prefecture in the Hokuriku district, Japan (Fig. 1). The studying area, 

Jinnosuke-dani area, is the source area of the Tedori-gawa River, which is the largest river in Ishikawa Pre-

fecture. The Tedori-gawa River is about 72 km long from its source to its estuary.  

According to historical records, many landslides have occurred in the studying area; most of them trans-

formed into rapid debris flows and caused human casualties and economic losses in the down-stream area. 

In 1934, a debris flow that was initiated by a landslide in the Bettou-dani near the Jinnosuke-dani landslide 

reached the Japan Sea and caused great losses (Note: “Dani” means valley in Japanese). For more than 100 

years, slope disaster-prevention measures have been conducted in this area by the central and local gov-

ernments. Resulting from these efforts, the frequency of occurrence of landslides in this area has decreased 

markedly. However, a few giant landslides, such as the Jinnosuke-dani landslide, are still active. 



Generally, “Jinnosuke-dani landslide” refers to the larger area of the “Landslide Prevention Area” des-

ignated by the central government in 1962 according to the “Landslides Prevention Law” (as shown with 

the dotted red line area in Fig. 2). It is located on the southwest slope of Haku-san Mountain. In the desig-

nated prevention area, many types of slope-failure phenomena, such as subsidence ponds, rockfalls, top-

pling, and even debris flows, can be observed. Table 1 describes related events concerning the landslide 

phenomena and prevention work in the Haku-san Mountain area, especially for the Jinnosuke-dani land-

slide. In this paper, we refer to the central ridge part of the large landslide prevention area as the “Jinno-

suke-dani landslide”; although it is formally called the “Central Ridge Block of the general Jinnosuke-dani 

landslide” (Here, “General Jinnosuke-dani land-slide” was used to mean the large general landslide area, 

and “Jinnosuke-dani landslide” to represent the central ridge part of the general landslide).   

Fig. 1 Location of the Jinnosuke-dani landslide in Haku-san Mountain area, Hokuriku district, Japan 

The Jinnosuke-dani landslide is about 2,000 m long and 500 m wide, and is sandwiched between the 

Bettou-dani valley on its right side and the Jinnosuke-dani valley and Yanagi-dani valley on its left side. 

Around the Jinnosuke-dani landslide, there are also several active sliding blocks that show high activity in 

the monitoring data. In the valleys of Jinnosuke-dani valley, Yanagi-dani valley, and Bettou-dani valley, 

more than 80 debris-retention dams (DRD) have been constructed to prevent debris-flow disasters. The 

Jinnosuke-dani landslide is the most actively moving landslide with a displacement velocity of about 10 

cm/year, and some of the DRDs in the valleys have also moved with the landslide. In 1980, Tedori-gawa 

Dam, a rockfill gravity dam, was constructed at the upper-middle part of the Tedori-gawa River. The dis-

tance from the landslide to the Tedori-gawa reservoir is about 20 km (see Fig. 1). There is a high risk of the 

Jinnosuke-dani landslide traveling to the reservoir. In the slight case of the dam being damaged by a seiche 

caused by a potential rapid landslide, the possibility of flooding would put the 1,200 people of the down-

stream area in danger. 



Fig. 2 Aero-photograph of the “Landslide Prevention Area” of the Jinnosuke-dani landslide (Photo Cour-

tesy of Kanazawa Office of River and National Highway, MLIT) 

To achieve an understanding of the landslide mechanism and to provide disaster warning and preven-

tion, deformation monitoring has been conducted on the Jinnosuke-dani landslide by the Ministry of Land 

Infrastructure and Transport of the central government of Japan. Based on the results of monitoring, coun-

termeasure works have been carried out and improved continually (Isobe 1996). This paper aims to analyze 

the deforming character of the Jinnosuke-dani landslide based on the results of monitoring, and to clarify 

the factors that influence landslide deformation. 



Table 1 Chronology of disaster and prevention events associated with Haku-san Mountain area

706

1042

1554

1579

1659

Eruption in Haku-san Volcano 

Eruption in Haku-san Volcano 

Eruption in Haku-san Volcano 

Eruption in Haku-san Volcano 

The latest eruption in Haku-san volcano 

Under the jurisdiction of Ishikawa Prefecture 

1891 Triggered by Nouo earthquake, slope failure occurred in Jinnosuke-dani valley. 

1896 Large scale avalanche triggered by intense rainfall. 

1911 Ishikawa Prefecture started the field investigation on slope instability 

1912 Reforestation was begun at Jinnosuke-dani valley and Yanagi-dani valley. 

Under the national jurisdiction 

1927 Changed to be a national government run project, and the full-dress Sabo works were 

started with the establishment of the Haku-san Sabo Work belonging to the Niigata Civil 

Engineering Branch Office of Home Affairs Ministry. From 1927 to 1939, the first step-

check-dams were originally constructed in Yanagi-dani valley and Jinnosuke-dani valley 

to control the slope failure.     

1934 Lots of Large scale avalanches were triggered by heavy rainfall in Bettou-dani valley 

and nearby area and became to debris flow. Houses of 172 families and also the Haku-

san Sabo Work were destroyed (The main scarp and sliding surface of the landslide oc-

curred in that time is also visible in the Bettou-dani valley). 

1937 The construction of the check-dam grouping Bettou-dani valley was started. 

1944 Because of the World War II, the construction of the check-dam was ceased. 

1957 No.5 check dam in Jinnosuke-dani valley displaced obviously. The investigation on 

the Jinnosuke-dani landslide was initialized in national level. 

1961 The countermeasure work on the Jinnosuke-dani landslide was started. 

Because of North Bino earthquake, landslides in small scale occurred in the Haku-san 

area.

1962 The Jinnosuke-dani landslide was designated as “Landslide Prevention Area” by cen-

tral government. 

1973 The countermeasure work plan for the Jinnosuke-dani landslide was finished temporar-

ily. 

1980 The Tedori-gawa dam was completed. 

1982 Because obvious displacement appeared in the Jinnosuke-dani landslide, anew counter-

measure work plan for the Jinnosuke-dani landslide was started. 

1990 Hillside reforestation was started in Bettou-dani valley.  

1999 A small scale landslide was induced by heavy rainfall in Bettou-dani valley, and a land-

slide dam was temporarily formed. 

2001 A landslide with 20,000
3
 in volume occurred in the left bank of Bettou-dani valley. 



2004 After a 216 mm precipitation in two days, a landslide with 176,000
3
 in volume oc-

curred in the left bank of Bettou-dani valley and became to debris flow. The sliding dis-

tance of the debris flow front exceeded 2,000 m. 

2. General conditions of the Jinnosuke-dani landslide 

2.1 Climatic conditions and topographic features 

The Hokuriku district of Japan is characterized by heavy precipitation and the Tedori-gawa River has a 

steep gradient. In winter, due to the strong influence of monsoons from Siberia, there is heavy snowfall in 

this area. The accumulative winter snowfall may exceed 12 m in the Haku-san Mountain area. In the other 

seasons, half of the days are rainy. For this reason, local annual average precipitation is 3,295 mm, about 

twice the national average of 1,700 mm (Fig. 3). 

Fig. 3 Annual rainfall in Haku-san Mountain area from 1993 to 2002 

The Tedori-gawa River is one of the steepest rivers in the world (Fig. 4). Its gradient is 1:70, while, for 

example, the gradient of the upper Colorado River (USA) is 1:1700. In Japan, steep rivers al-ways have se-

rious debris-flow problems. For example, the Gamahara torrent debris flow occurred in December of 1996 

in Hime-gawa river system in Nagano Prefecture (Sassa et al. 1997); a rapid landslide – debris flow oc-

curred in July of 1997 in Izumi city of Kagoshima Prefecture (Sassa et al. 1998), and a slide-triggered de-

bris flow occurred in July of 2003 in Minamata City, Kumamoto Prefecture (Sassa et al. 2004). Also, in the 

Gamahara debris flow case, workers constructing debris retention dams were killed by debris flow. This 

phenomenon caused great social and legal problems. In the case of Jinnosuke-dani case, the steep river 

beds supply high gravity potential for the displaced debris after slope failure. The steepness is also the ma-

jor reason for the long-traveling debris flow that occurred in 1934 in the Bettou-dani valley and reached the 

Japan Sea after traveling for 72 km. At this event, a village was completely destroyed by the debris flow. 

Fig. 4 The longitudinal torrent bed-slope of the Tedori-gawa River comparing with some famous rivers in 

the world 



Fig. 5 Geomorphological map of the Jinnosuke-dani landslide area, together with the locations of the moni-

toring devices (After Kanazawa Work Office, Ministry of Land, Infrastructure and Transport of 

Japan, 2002) 

Fig. 5 is a contour map of the Jinnosuke-dani landslide and the nearby area of the designated “Landslide 

Prevention Area”. Because of the large scale of the landslide, the crack distribution was not shown in this 

map. According to slope-surface-displacement monitoring, the upper part is active, while the lower part is 

almost stable. Because the central ridge is continued and the boundary between the active part and stable 

part is not clear, we divided the landslide into two blocks: an upper block and a lower block. Locations of 

some measurement devices in the upper block are also shown in this figure. The elevation of the landslide 

ranges from 1,200 m to 2,100 m. The average slope angle for the upper block and lower blocks is 22 and 

20 degrees, respectively. 

2.2 Geological and hydro-geological conditions 

The basal bedrock in the Haku-san Mountain area is the lower Paleozoic Hida gneiss. As a part of the 

1:50,000 geological map of Haku-san Mountain area, a geological map of the Jinnosuke-dani landslide and 

nearby area was completed by Kaseno (2001). From the Jurassic to Early Cretaceous periods, the Haku-san 

Mountain area was a lake near the sea. The series of lacustrine sediments de-posited in that period is called 

the Tedori Formation deposits. The deposits are sedimentary strata consisting of shale, sandstone, and con-

glomerate layers that have undergone hydrothermal alteration during the mountain-building process of 

Haku-san Mountain. General descriptions of the geology can be found in Kaseno (1993).  

Fig. 6(a)  is a DEM model for a large area around the Haku-san mountain area. The model is built on the 

elevation data with contour difference of 50 m. The image of lava deposit distribution around the summit of 



Haku-san (vent of the Haku-san volcano) is visible. Fig. 6(b) is the geological map of the corresponding 

area to Fig. 6(a). The Nohi Rhyolite of the Cretaceous period is distributed at the upper right corner in the 

figure and the alternating layers of sand-stone and shale of the Tedori Formation are distributed below and 

to the left. Both units form the bedrock of the Haku-san Mountain area. Volcanic lava deposits, which 

erupted 100,000 and 10,000 years ago, overlie the strata of the Tedori Formation and the Nohi Rhyolite. 

Fig. 6(c) shows an estimated longitudinal section of the Z-Z’ section (shown in Fig. 6(b)). The deposition 

subsequence of the strata and volcanic deposit is clear. The Jinnosuke-dani landslide area is indicated in the 

dotted line box. At the northwest corner of the dotted line area, the disconnection of H2 old volcanic de-

posit can be observed. The reason for this phenomenon maybe caused by erosion and land-slide, and this 

will be discussed in details later.  

(a)

 (b) 

(c)
Fig. 6 Topography and geological condition of the Haku-san and nearby area. (a) DEM model, (2) Geo-

logical map (after Kaseno, 1993), (3) Longitudinal section of Z-Z’ in (b) (after Kaseno, 1993). 



Fig.7 shows the detailed geological condition for the studying area. It is clear that all of the lava depositions came from 

the summit of the Haku-san Mountain as the vent of Haku-san volcano. In the southwest part, many landslides occurred in 

the Tedori Formation. Contrasting to this phenomenon, there are few landslides in the volcanic deposit (lava deposit) area. 

This difference may be due to the erosion-resistant difference of the two types of strata, which means that the lava deposition

has high erosion resistant comparing with sandstone and shale of the Tedori Formation. In the dotted line box area, besides 

the Jinnosuke-dani landslide, there are other five landslide blocks, and for some landslides, the main scarps are outcropped. 

Fig. 7 Detailed geological map of the Jinnosuke-dani land-

slide area and nearby area (after Kaseno, 1993) 



In the topography-forming process, during a volcanic eruption, lava will generally be deposited in val-

leys with a relative low elevation, rather than on mountain ridges. As shown in this area, lava de-posits are 

more difficult to be eroded than sandstone and shale. Looking at the geological map of this area, it is nota-

ble that the lava deposits are located on the mountain ridge around the Jinnosuke-dani landslide. The reason 

is, after a long period of eruption of the Haku-san volcano, due to the physical weathering and surface ero-

sion in the Tedori Formation deposits that made up the former mountain ridge, this ridge became lower 

than the former valleys that were filled by lava. Fig. 8 shows a schematic diagram of the topography-

changing process, which is called “reversal of topography” at the J-J’ section crossing the Jinnosuke-dani 

landslide and valleys at both sides (see Fig. 6(b)). In this topography-changing process, the former ridge 

that overlay the Jinnosuke-dani landslide was eroded away (Fig. 8b). The possible eroded thickness at the 

ridge of this area is estimated about 100 m in recent 0.01 Ma period (The elevation decrease caused by 

landsliding should also be considered for an exact estimation). Mechanically, this erosion was an unloading 

process of the alternating layers of sandstone and shale in the Tedori Formation. This unloading process re-

sulted in deterioration of the strength and deformation-resisting properties of these sandstones and shales. 

Moreover, the intensive progressive erosion in the valleys at both sides have caused the landslide to evolve 

in its current location. 

Many joints and small faults have also developed in the Tedori Formation (Okuno et al. 2004). Fig. 9 is 

a rose diagram showing the strike direction of the strata and discontinuities. The average strike direction of 

the strata was N54W, the average dip direction was S36W, and the dip angle was 40 to 45 degrees. Most 

discontinuities developed perpendicular to the strike direction of the Tedori Formation strata, and the strike 

direction of the discontinuities mainly ranged from N11E to N56E. This direction is parallel to the Bettou-

dani, suggesting that valley erosion was influenced by joint systems. 

Fig. 8 Schematic diagram showing reversal process of topography in the Jinnosuke-dani landslide area 

Fig. 10 shows a geological columnar section obtained from outcrop observations and measurements in 

the Bettou-dani valley. Soil sampling was carried out near an elevation of 1,780 m. Four-teen probable slid-

ing surfaces were detected in the strata in the 23.1-m-thick section. Even in the dry season, water oozed 

from the probable sliding surface, where the low permeability stopped ground-water flow and change the 

flow along the shale layer. As shown in the photograph of Fig. 10, the sliding surface probably developed 



in the thin shale existing between two sandstone layers. Shear-box tests were performed on disturbed soil 

samples that were taken from a general argillaceous probable sliding surface outcropped in Bettou-dani val-

ley. From the shear tests, an effective internal friction angle of 26.3 degrees for the residual state was ob-

tained. 

Fig. 9 Rose diagram of the strike directions of the Tedori formation strata and the discontinuities 

Fig. 10 Geological columnar section of the Tedori formation obtained from outcrop observation at the Bet-

tou-dani valley, photograph of the probable sliding surface examination, and results of shear box 

tests on the soil from the probable sliding surface 



Fig. 11 shows the grain size distribution of the argillaceous shale. The fines content of the sample, in-

cluding silt and clay, was 58%, the plasticity index was 8.3, the liquid limit was 20.1%, and the liquidity 

index was 0.99. This soil from the probable sliding surface was classified as “clay with low liquid limit”. 

Because the sandstone is highly jointed and this area is subject to heavy rainfall and snowfall, it may be 

conservative to assume that the shale in the alternating layers is always in a fully saturated condition, which 

is dangerous in regard to stability of the slope. 

Fig. 11 Grain size distribution of the soil sample taken from the probable sliding surface of Jinnosuke-dani 

landslide at Bettou-dani valley 

3. Deformation character of the Jinnosuke-dani landslide 

To understand the deformation character of the Jinnosuke-dani landslide for the purpose of land-slide pre-

vention and early warning, especially concerning the safety of the Tedori-gawa Dam and reservoir, defor-

mation monitoring of the landslide has been conducted by slope surface-displacement monitoring and 

borehole monitoring. This monitoring was carried out by the Ministry of Land, Infrastructure and Transport 

of Japan beginning in the 1980s (Kanazawa Work Office, Ministry of Land Infrastructure and Transport of 

Japan 2002). The following shows the details of the measurement principles and some results of monitoring. 

3.1 Slope surface-displacement monitoring 

The Electronic Distance Measuring (EDM) method and Global Positioning System (GPS) monitoring 

method have been used at this site to monitor slope displacements. Fig. 12 shows the initial locations of the 

monitoring points in the designated “Landslide Prevention Area” and the displacement vectors of the slope 

surface from 1994 to 2001. There are 9 survey points (A1 to A9) in the lower block of the landslide and 12 

survey points (B1 to B12) in the upper block. Six points (C1 to C6) were located outside of the Jinnosuke-

dani landslide. The monitored results show that the upper block displaced quite actively; the cumulative 

displacements of survey points B5 and B11 exceeded 1,100 mm in the 7 years. The main features of the 

monitoring results in the upper block are: (1) The points at the central part almost moved along the 

downslope direction; (2) The points near valleys had a component to the valley side, besides along the 

downslope direction. However, the lower block has been relatively stable. While, C1, C2, C3 and C4 which 

located on different landslide blocks also indicated the motion of the corresponding blocks. The boundary 

between the upper block and the lower block is not clear at the slope surface. So, the landslide is divided to 

blocks just according to the surface displacement. The average movement direction of the upper block of 

the Jinnosuke-dani landslide is S36W. This direction of movement corresponds well with the dip direction 

of the Tedori Formation. 



Fig. 12 Cumulative displacements of the landslide from 1994 to 2001 

Fig. 13 shows the time series of cumulative displacements for points B1 to B12 and C1 to C3. The dis-

placement rates for all of the monitoring points were almost constant during the 7-year period. The dis-

placement rate at point B5 at Bettou-dani side was 170 mm/year, and that of point B11 at Jinnosuke-dani 

side was 165 mm/year. They are the fastest points and obviously have a component directing to the valley 

sides (Fig. 12). The monitoring points near the central line were displaced 130 mm/year, almost at the same 

rate as at the valley sides. According to the displacement-rate distribution, it can be concluded that the dip-

slope structure and the erosion in both side valleys are the two main factors causing the landslide displace-

ment. From this viewpoint, debris-retention dams constructed in the side valleys are very important coun-

termeasure works for landslide stabilization in the long run, by protecting against toe erosion at the valleys 

in both sides. 

Fig. 13 Time series of cumulative displacements of survey points B1-B12 and C1-C3 from 1994 to 2001 

(Measurement at point B12 started from 1995) 



As a special case, point B12 in the lowest part of the upper block displaced in a direction different from 

the other points in the upper block (see Fig. 12). The displacement at point B12 turned left about 50 de-

grees from the central line. From this result, it can be estimated that the motion of the upper block is hin-

dered by the lower block. 

3.2 Borehole-inclinometer monitoring results 

Borehole-inclinometer monitoring was used to determine the depth of the sliding surface and the direction 

of movement of the landslide blocks. By comparing the measured results at different times, the deformation 

rates at different depths can also be evaluated.  

Fig. 14 shows the monitored results of inclinometer BV73 located in the upper part of the upper block 

near the central line (see Fig. 5 and 11). Figs. 14a and 14b are the results in the D-direction (perpendicular 

to the downslope direction) and E-direction (downslope direction), respectively. The monitoring began on 

October 23, 1997. Two results monitored on October 27, 2000, and August 6, 2001, are plotted to show the 

deformation velocity. Sliding occurred in two directions: one is down-ward along the slope, and the other is 

toward the Jinnosuke-dani. The maximum depth of the sliding surface is at about 38 m at this position. In 

addition, three shallow sliding surfaces exist at depths of 8 m, 13 m, and 20 m. The sliding surfaces were 

estimated to correspond to the argillaceous shale layers based on the boring logs, and the parts between the 

sliding surfaces to correspond to the sand-stone layers. Relatively smaller deformation was also observed in 

the sandstone layers.  

Fig. 14 Monitored results of borehole inclinometer at point BV73 

Fig. 15 shows the monitored results of inclinometer BV77 located below BV73. The two components 

similar to BV73 were shown. The monitoring began on November 13, 2001, and two results monitored on 

August 6, 2002 and August 23, 2003, respectively were shown. From Fig. 15(a), it is clear that the main 

sliding surface is located at about 128 m deep. At depth of 108 m, 102 m, 75 m, relative sliding between 

the two adjacent layers occurred obviously, and it indicated that the sand-stone and shale structure should 

not be disturbed so much at this position.  

Fig. 16 shows the monitored results of inclinometer BV66 located in the lower part of the upper block 

near the Jinnosuke-dani (see Fig. 5 and 12). Figs. 16a and 16b show the monitored results in the F-direction 

(dip direction) and G-direction (strike direction), respectively. The monitoring began on November 12, 



1989. Results obtained on August 2, 2000, and August 3, 2001, are plotted in Figs. 16(a), and (b). The 

main sliding direction is in the direction of dip. Except an obvious displacement occurred at 60-65 m, there 

was no obvious sliding surface in the sliding mass shallower than 60 m, which nearly at the same elevation 

of the adjacent valley bottom at this position, and the slope here deformed as a homogenous plastic sliding 

mass similar to that of a homogenous soil mass. It is estimated that the deformation properties of the sand-

stone and shale layers became uniform because of long-term weathering. 

Fig. 15 Monitored results of borehole inclinometer at point BV77 

Fig. 16 Monitored results of borehole inclinometer at point BV66 



Comparing the monitored results of boreholes BV73 and BV66, it is estimated that the weathering de-

gree of the sandstone in the Tedori Formation may control the deformation style of the landslide, and the 

weathering degree varies from place to place, and the weathering degree at valley side is relatively higher 

than the other locations. The sandstone at the valley side near BV66 is weathered more heavily than the 

upper part near BV73. Fig. 17 summarizes the influence of physical weathering on the deformation style by 

means of three simplified models, which represent deformation styles in the sandstone for three different 

weathering degrees compared to that of the shale layer. Fig. 17(b) corresponds to the situation at BV73, and 

Fig. 17(c) to that at BV66. As the weathering degree in-creases, the deterioration in the deformation prop-

erty of the sandstone layers increases, and the difference in deformation between sandstone and shale be-

come indistinguishable at BV66. 

Fig. 17 Deformation model of the alternative layers of sandstone and shale at different weathering degrees 
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Fig. 18 Longitudinal section (L-L’) of the upper part of the Jinnosuke-dani landslide 

The effect of physical weathering on the slope structure, as well as the forming of the landslide body, is 

supported by the longitudinal section of the upper part of the Jinnosuke-dani landslide (Except BV73, 

which was finished in the early period when the information of potential sliding mass thickness was very 

limited) (Fig. 18). This section is based on monitoring and exploration data in boreholes up to the end of 

2004 by the Kanazawa Work Office, Ministry of Land Infrastructure and Transport, Japan. The geometry 

of the longitudinal section is very similar to that of a homogenous soil slope, and the dip-slope structure of 

the original slope is not obvious in the section. 



3.3 Borehole-extensometer and groundwater-level monitoring 

Seven borehole extensometers with super-invar wire were installed in boreholes to monitor the relative de-

formation between the slope surface and the base rupture of the landslide. One end of the wire was fixed at 

the base layer of a borehole, and the other end was connected to a rotating disk on the slope surface. By 

monitoring the rotation of the disk, the extension or compression between the slope surface and the other 

end (generally, the bottom of the borehole) was measured.  

Fig. 19 Monitored results of borehole extensometer at BV66, ground water level at BC10 and rainfall in the 

Haku-san Mountain area 

Piezometers of pore-water pressure transducer style were installed in the boreholes to monitor changes 

in groundwater level. Because the boreholes used for the groundwater-level monitoring were the same or 

adjacent to those for extensometers or inclinometers, the effects of groundwater-level change on landslide 

deformation could be determined. In Fig. 19, the annual change of ground-water level (for 2004) is shown. 

Fig. 20 shows a comparison of the monitored results of the bore-hole extensometer located at point BV66, 

the groundwater-level change at the nearby borehole (BC10), and the rainfall data monitored at an eleva-

tion of 470 m at Haku-san Mountain. Because groundwater level was monitored by pore-water pressure 

transducers, although some fluctuations were recorded, the total tendency of the groundwater level changes 

can be observed.  The vertical grid lines in these figures indicate July of each year, the rainy season in this 

area. As a fact, snowmelt occurs until the end of May each year. On the whole, the groundwater level rose 

around July each year as a result of rainfall and snowmelt. Corresponding to the increasing groundwater 

level, the landslide movement entered an active state. When the groundwater returned to its normal level, 

movement stopped. Thus, it is considered that high groundwater level was a triggering factor for landslide 

displacement.  
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Fig. 20 Relationship between displacements measured at BV66 and groundwater level at BC10 indicating a 

critical groundwater level existing 

Fig. 20 shows the relationship between displacement measured at BV66 and the groundwater level at 

BC10 from January 1, 2000, to November 18, 2001. The groundwater level started to rise in April and re-

mained at a high level until the end of July, and it rose again at the end of October due to autumnal rain. 

Responding to the increased groundwater level, the landslide movement became active. In one cycle with a 

period of one year, the landslide movement accelerated from April to July, and then became dormant in 

winter. It was observed that the displacement started to increase when the groundwater level exceeded a 

depth of 37 m, which can be noted as the “critical groundwater level” at this position. When the groundwa-

ter level exceeded this critical level, displacement increased. The larger the height of the groundwater level 

over the critical level, the greater the landslide displacement. On the other hand, when the groundwater 

level became lower than this critical level, the landslide displacement stopped. 

4. Conclusions 

The giant Jinnosuke-dani landslide occurred in the Tedori Formation consisting of alternating layers of 

sandstone and shale. By topographical and geological analyses and deformation monitoring, especially 

based on the surface displacement monitoring results, the Jinnosuke-dani landslide is divided into two 

blocks. The upper block moves at an average velocity of 130 mm/year, while the lower block is relatively 

stable.

In the 7-year monitoring period, a critical groundwater level acted as a triggering factor for land-slide 

movement. This suggests that drainage at the landslide site will be an effective countermeasure for slope 

stability, and dewatering could reduce the potential for future movement. 

Field monitoring supported our conclusions that physical weathering, including erosion that caused re-

versal of topography, was a fundamental influential factor for deformation of the alternating layers of sand-

stone and shale. This weathering may cause deterioration of the strength of these rocks and sub-sequent de-

formation of the rockmass, and result in the weakening of the effect of the dip-structure. Especially at the 

lower part of the upper block near the valley side, weathering caused this landslide in a rockmass to deform 

in a manner similar to a slide in a homogenous soil mass. 
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Abstract
In May 2004, a landslide occurred at the right flank of the Jinnosuke-dani landslide; this slide was 

transformed into a debris flow after fluidization. By analysis of the monitored video images of the debris 

flow, field investigation of the source area of the landslide, and a series of simulation tests with a ring-shear 
apparatus on the initiation of the rainfall-induced landslide and its traveling process, the initiation and 

traveling mechanisms of the debris flow traveling in the valley were investigated. It is shown that 
concentrated groundwater flow was the main reason for the landslide initiation, and a rapid decrease of the 

mobilized shear resistance even under naturally drained condition caused the rapid landslide motion. 

During the debris motion in the valley, high potential for grain-crushing of deposits in upstream and lower 
potential for the downstream deposits controlled the traveling and stopping process. Different 

grain-crushing potential of the valley deposit played an important role in the debris flow traveling and 
stopping processes. 

Key words: landslide, fluidization, groundwater, grain-crushing, ring-shear test 

1. Introduction 
Haku-san Mountain is located at the boundary between Ishikawa Prefecture and Gifu Prefecture in 

Hokuriku district, Japan (Fig. 1). It is an active volcano with a summit 2,703 m in elevation, and the whole 
mountain is a national park. This park is famous for its beautiful scenery and about 50,000 mountain 

climbers visit here in the period from 15 May to 15 October every year. Tedori River, the largest river in 

Ishikawa Prefecture, originates in this area. The Jinnosuke-dani landslide (Fig. 2) is a giant landslide 
located on the southwestern slope of Haku-san Mountain (“dani” means valley or torrent in Japanese.). It 

was also the first landslide designated as a “Landslide prevention area” by the “Japanese Landslide 
Prevention Law” in 1958. Landslides frequently occur in this area, and commonly trigger debris flows that 

travel long distances and damage properties in the downstream valley of the Tedori River. In the 

photograph of Fig. 2, the areas not covered by vegetation are local slope failures. For example, at the left 
side of the photograph, the main scarp and sliding surface of the Bettou-dani failure, which occurred in 

1934, is visible. In that event, a debris flow initiated by a landslide reached the Japan Sea after traveling for 

72 km. The upper part of the central ridge sandwiched by the Bettou-dani at the left side and the 
Jinnosuke-dani at the right side is an active landslide, according to data obtained by monitoring, and is 

called the “Central Ridge Block” of the Jinnosuke-dani landslide. The width and length of this block are 
500 m and 2,000 m, respectively. In recent decades, accompanying the deformation of the Central Ridge 

Block, local landslides with different volumes occurred at both boundary valleys of the Central Ridge 

Block and caused damage, although many countermeasure works have been conducted in this area for more 
than 50 years. In May 2004, a landslide occurred at the upper part of the Bettou-dani from the Central 

Ridge Block. This landslide was transferred into a debris flow that traveled more than 2 km after it slid into 
the Bettou-dani. A suspension bridge was completely destroyed, and a local road with a simple bridge 

utilized for debris-retention dam construction at the middle of Bettou-dani was heavily damaged. 

Fortunately, nobody was injured because there were not many mountain climbers passing through the 

valley when the landslide  debris flow occurred. However, the risk for further landslide and debris flow 

activity still exists. This paper attempts to clarify the initiation and traveling mechanisms of the landslide 

debris flow, aiming to supply insight for future landslide disaster prevention in this area. 



2. General conditions of the Jinnosuke-dani landslide on Haku-san Mountain  
The Haku-san Mountain area is characterized by heavy precipitation and the Tedori River is characterized 

by its steep gradient (Wang et al., 2004; Okuno et al., 2004). In winter, due to the strong influence of 

monsoons from Siberia, the accumulative snowfall may exceed 12 m in the Haku-san Mountain area. In the 
other seasons, half of the days are rainy. For this reason, local annual average precipitation is 3,295 mm, 

about two times the national average of 1,700 mm for Japan. In this area, snowmelt generally begins in the 

middle of March and finishes at the end of May. In May 2004 when the landslide occurred, snow melting 
was on-going, and the accumulative rainfall for three days before the landslide occurred was 216 mm (Fig. 

3). It is also reasonable to think that the effective water that infiltrated into the slope was more than this 
value. Because the movement was recorded by a monitor video camera of the Kanazawa Office of Rivers 

and National Highways, Ministry of Land Infrastructure and Transport, Japan (KORNH- MLIT) (2004b), 

the actual failure time was also exactly recorded. 

Fig. 1 Location map of the Jinnosuke-dani landslide 

Fig. 2 Aerial photograph of the “Landslide Prevention Area” of the Jinnosuke-dani landslide (Photo 
Courtesy of Kanazawa Office of Rivers and National Highways, MLIT)



Fig. 3 Hourly rainfall before the landslide  debris flow occurred (The rainfall gauge was located at the 

central ridge block of Jinnosuke-dani landslide, and was measured by Kanazawa Office of Rivers 

and National Highways, MLIT) 

Fig. 4 Geological map of the area adjacent to the Jinnosuke-dani landslide (modified from Kaseno, 2003) 

As a part of the 1:50,000 geological map of the Haku-san mountainous area, a geological map of the 
Jinnosuke-dani landslide and the nearby area was completed by Kaseno (2001). The basal bedrock in the 

Haku-san mountainous area is Lower Paleozoic Hida gneiss. Overlying this gneiss are Jurassic to Early 

Cretaceous sediments, consisting of shale, sandstone and conglomerate, and lacustrine sediments known as 
the Tedori Formation. General descriptions of the geology can be found in Kaseno (1993). Fig. 4 shows the 

distribution of strata in this area. Alternating layers of sandstone and shale of the Tedori Formation are 



distributed at the left side of the figure, and the Cretaceous Nohi rhyolites are distributed at the right side. 
Both form the bedrock of this area. Volcanic deposits, which erupted 100,000 years ago and 10,000 years 

ago, overlie the strata of the Tedori Formation and the Nohi Rhyolites. 

3. The May 2004 landslide  debris flow 

As mentioned earlier, the landslide occurred on 17 May 2004 after continuous intense rainfall for two days. 
The elevation of the source area of the landslide was about 1,900 m, and the elevation of the toe part of the 

deposit of the debris flow caused by the landslide was about 1,200 m. Fig. 5 shows two aerial photographs 
taken before the event ((a): in the fall of 2003), and after the event ((b): on 24 May 2004, 7 days after the 

landslide  debris flow), and the trace of the debris flow with elevations at some key points (c). As shown 

in Fig. 5a, the source area is a steep cliff and there was not any vegetation on the lower segment of the 

landslide; however, at the upper part, the slope is relatively gentle and is covered by vegetation. For 

mountain climbers, after leaving Bettou Deai, which has facilities such as parking areas, rest rooms, simple 
restaurants, and a bus stop, most of the climbers have to cross the suspension bridge and access the Central 

Ridge Block of the Jinnosuke-dani landslide to get to the summit of Haku-san Mountain. At the middle of 

the Bettou-dani, an access road for construction of debris-retention dams crosses the valley and enters the 
Central Ridge Block. As shown in Fig. 5b, both the roads and the bridge were badly damaged when the 

debris flow hit them. The entire flowing process of the debris flow was recorded by a video camera, which 
was set at an elevation of about 1,860 m by the KORNH-MLIT (2004a). By means of the recorded video, it 

is estimated that the velocity of the debris flow may have reached a maximum of 20 m/sec. As shown in Fig. 

5c, the distance between the source area and the toe of the deposits of the debris flow was 700 m, and the 
horizontal distance that the debris flow traveled was about 2,000 m. Based on these data, the apparent 

friction angle of the debris flow is estimated to be 19.3 degrees.  

Fig. 5 The May 2004 landslide – debris flow, which occurred in the Bettou-dani from the Central Ridge 

Block of the Jinnosuke-dani landslide. (a) aerial photograph taken before the slope failure (in the fall 
of 2003); (b) aerial photograph after the landslide (taken on 24 May 2004); (c) trace of the debris 

flow  (Photos courtesy of the Kanazawa Office of Rivers and National Highways, MLIT) 



Fig. 6 shows the situation when the suspension bridge was completely destroyed. Large boulders 3-4 m 
in diameter were transported and deposited near the bridge site. Some thin debris was deposited on the top 

of the left pillar of the bridge, about 10 meters above the valley bottom. This shows that even near the 

terminus of the debris flow, the sliding potential was high and powerful. 

Fig. 6 The suspension bridge that was completely destroyed by the May 2004 debris flow in the 

Bettou-dani (Photo courtesy of the Kanazawa Office of Rivers and National Highways, MLIT) 

Fig. 7 Continuous images of the May 2004 debris flow in the Bettou-dani (Video courtesy of the Kanazawa 

Office of Rivers and National Highways, MLIT). Sliding mass is shown in white dotted lines. 



Fig. 7 shows a series of continuous images taken from the monitoring video of KORNH-MLIT. The 
location of the video camera was about 250 m downstream from the source area of the landslide. The time 

in seconds is shown at the top of each image. Fig. 7a shows the situation just before the debris flow arrived. 

The white color in the images is snow. The debris flow passed through the video from 16:32:37 to 16:33:16 
hrs; thus, the entire process continued for only 40 seconds. By analysis of the video images shown in Fig. 7, 

the debris flow can be divided into four separate waves. The first wave was from (b) to (h), which 

continued for 9 seconds; the second wave was from (h) to (m), which continued for 6 seconds; the third 
wave was from (m) to (r), which continued for 6 seconds; and the fourth wave was from (r) to (x), which 

continued for 9 seconds. It is obvious that all of the debris included snow. As compared to Fig. 7a, muddy 
fog can be recognized in Figs. 7d and 7e in the front of the first wave, and 7r, 7s and 7t in the front of the 

fourth wave, indicating rapid motion during downstream travel. 

Fig. 8 shows the situation at the source area of the landslide. The average slope angle was about 28 
degrees. The average thickness of the sliding mass was estimated as 30 m by KORNH-MLIT (2004b). In 

this figure, L1, L2, and L3 show the rear boundaries of the different sliding blocks, which moved for a 
limited distance; however, most of these blocks did not move far, but just rested on the slope. At the middle 

block, between L1 and L3, most of the debris material slid out of the source area, entered into the 

Bettou-dani, and joined the debris flow. Also, at the lower part of L2, most of the debris slid out into the 
valley. A common phenomenon at the source areas of these sliding blocks is that concentrated groundwater 

flow exited at W1, W2, and W3 at relatively high positions. This fact ensured that the debris, especially in 

the potential sliding zone, was fully saturated and that high water pressure was supplied to the back of the 
debris to make the slope unstable. The groundwater exiting at a high position at the head of the debris was a 

great triggering factor for the landslide which fluidized into a debris flow. Contrary to the case for the 
fluidized blocks, the groundwater exits at Block L3 were relatively low, and this may be the reason for the 

short sliding distance of this large block. 

Fig. 8 Source area of the May 2004 landslide  debris flow in the Bettou-dani 

Blue points represent the groundwater exits. Solid lines are the rear boundaries of the sliding blocks 
(Photo taken by FW Wang on 11 September 2005) 

To investigate the initiation and traveling mechanism of the landslide  debris flow, soil samples were 

obtained at the source area and along the travel path in the valley of the Bettou-dani. Soil sample Beto-1 
was taken from point “S” (Figs. 8 and 5b) at the source area. This sample was subjected to the ring-shear 

test, simulating a rainfall-induced landslide, to investigate the initiation mechanism of the landslide. Soil 
samples Beto-2, Beto-3, and Beto-4 were taken along the traveling path of the debris flow, and were 

subjected to ring-shear tests that simulated dynamic loading of the landslide mass on the valley deposits 



and the dynamic loading of the debris flow on the valley deposits to investigate the traveling mechanism of 
the debris flow traveling down the valley. 

In the soil sampling, coarse grains larger than 20 mm were excluded. Fig. 9 shows the grain-size 

distribution of the four soil samples. Sample Beto-1 is the finest sample among them, and all of the samples 
show a similar gradation. For sample Beto-2, 3, 4, Beto-3 has the least amount of fines. The grain-size 

distribution of the samples may indicate the potential of the water transport in the valley, i.e., upstream of 

the Beto-3 sample site, the fine part dominates because of the supply of the weathered material; while the 
downstream part is rich in fines, because of their transport by water. The average grain-sizes of the soil 

samples were 2.7 mm, 6.0 mm, 4.8 mm, 6.0 mm, while the uniformity coefficient was 20.9, 25.7, 7.6, and 
34.7, respectively. The specific gravity of the samples was 2.71. 

Fig. 9 Grain-size distribution of soil samples

4. Grain-crushing susceptibility of the valley deposits in different parts of the Bettou-dani 
It is believed that the difference in grain-crushing susceptibility should cause the difference in the traveling 

process of the landslide  debris flow. To confirm this concept, drained ring-shear tests were conducted 

under the same test conditions on all the samples. The test conditions were: consolidate the sample at 300 

kPa normal stress, and shear it under constant speed of 10.0 mm/sec until the shear displacement reaches 
6.4 m. For comparison, Toyoura silica sand which is known as a standard sandy soil that is difficult to crush, 

was also sheared under the same test conditions. 
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Fig. 10 Sample-height change with shear displacement during constant-shear-speed drained ring-shear tests 
on samples Beto-1, Beto-2, Beto-3, Beto-4, and Toyoura silica sand. Normal stress = 300 kPa, 

Shear velocity = 10.0 mm/sec. 



Fig. 10 shows sample-height change during the drained ring-shear tests. Soil with high grain-crushing 
susceptibility generally has large sample-height change (contraction) during drained shear. The 

sample-height changes that occurred in the samples taken from Bettou-dani were quite a bit larger than that 

of Toyoura silica sand. Among the samples taken from Bettou-dani, Beto-4 has the smallest sample-height 
change during shearing, showing a relatively lower grain-crushing susceptibility. 

Figs. 11a and b show the grain-size distribution of the tested samples before and after shearing, and the 

grain-crushing percentage Bp of all samples (Marsal, 1967), respectively. Bp is the summation of the 
difference of grain-size distribution at each sieve size of the sample before and after drained shear (taken 

from shear zone), and it indicates the grain-crushing susceptibility of the soil. It is obvious that 
grain-crushing susceptibility becomes lower from the upstream part to the downstream part of the 

Bettou-dani.  

Fig. 11 Grain crushing occurred in the drained constant-shear-speed ring-shear tests on samples Beto-1, 

Beto-2, Beto-3, Beto-4, and Toyoura silica sand 
(a) Grain-size distribution of the tested samples before and after shearing; (b) Marsal’s 

grain crushing susceptibility Bp (Marsal, 1967). 

5. Ring-shear tests on soil samples taken from the source area 
Ring-shear tests were conducted using ring-shear apparatus DPRI-5, which was developed by Sassa in 

1996 (Sassa et al, 2003). The diameters of the outer ring and inner ring are 180 mm and 120 mm, 

respectively. The sample, after placement in the shear box, had a donut shape with a width of 30 mm. To 
avoid possible grain-size effects on the shearing behavior, only grains with diameter smaller than 4.75 mm 

were included in the tested samples. 

The purpose of this test is to simulate the initiation of the landslide by water pressure. The initial slope 
condition was simplified as being 30 m in thickness and 28 degrees in slope angle. The landslide was 

triggered in the ideal slope by rainfall and snowmelt water. The initial normal stress and shear stress acting 



on the sliding surface were 420 kPa and 224 kPa, respectively. Pore-water pressure acting on the element 
increased as the result of rainfall and snowmelt. The test was conducted under the following procedure: 

(1) Saturate the soil sample to a high degree of saturation with carbon dioxide and de-aired water; it was 

confirmed that the BD value reached 0.96, showing a high degree of saturation. 
(2) Consolidate the sample under normal stress of 420 kPa; 

(3) Apply the initial shear stress of 224 kPa gradually at 41.7 Pa/sec to avoid pore-water pressure 

generation; 
(4) Increase the pore-water pressure gradually at a rate of 0.5 Pa/sec until failure occurs; 

(5) Measure the residual friction angle of the soil with constant shear speed, while increasing the normal 
stress gradually from a low stress level (about 90 kPa) to a high stress level (about 400 kPa). 

Fig. 12 Simulation test results of landslide initiation triggered by rainfall under naturally drained condition. 
BD = 0.96, Pore water pressure increasing rate = 0.5 kPa/sec. 

(a) Time-series data; (b) Stress paths; (c) Residual friction angle of the tested soil sample from the 

source area. 



Figs. 12a, b, and c present the test results. Fig. 12a shows the time-series data for the whole test series. 
From the beginning to nearly 200 sec, the normal stress and shear resistance were kept constant, while the 

pore pressure was increased gradually. From 200 sec to 330 sec, small displacement occurred, and the shear 

resistance mobilized a little bit higher, although the shear stress was kept constant. This may have been 
caused by the adjustment of the soil grains along the shear surface. After 330 sec, rapid failure occurred, 

which can be confirmed by the acceleration of the shear displacement. Corresponding to the rapidly 

increasing shear displacement, the shear resistance decreased rapidly to about 110 kPa. At that point, the 
apparent friction angle became 15.1 degrees, which is shown by the total stress path and effective stress 

path in Fig. 12b. The residual friction angle of the soil was measured at 33.7 degrees, which is shown in Fig. 
12c. Thus, it is possible that the slope can remain stable at its initial slope angle of 30 degrees, if there is no 

increase in pore-water pressure at the sliding surface. In addition, from Fig. 12b, it can be seen that the peak 

friction angle of the soil at initial failure is much higher than 33.7 degrees.  
The test results show that the slope failure was triggered by increase in pore-water pressure caused by 

heavy rainfall and snowmelt. In addition, after the slope failure, because of a rapid decrease in shear 
resistance, the displaced sliding mass moved downward to the Bettou-dani with increasing acceleration. 

This is a possible mechanism of the initiation in the source area of the May 2004 Bettou-dani landslide. 

6. Ring-shear tests on soil samples taken from the landslide travel path in the Bettou-dani
To simulate the landslide motion in the Bettou-dani, three other samples (Beto-2, Beto-3, Beto-4) were 
used in ring-shear tests to show the fluidization process of the landslide (see Fig. 5b). Beto-2 was taken 

near the uppermost debris-retention dam in the Bettou-dani; Beto-3 was taken near the destroyed bridge; 
and Beto-4 was taken below the suspension bridge and near the toe of deposit of the debris flow. 

Fig. 13 is a model proposed by Sassa et al. (1997) to simulate the undrained-loading behavior of valley 

deposits by a rapidly sliding mass. At the Bettou-dani, the sliding mass moved down the slope (I), and 
applied a load to the valley deposits at the foot of the slope (II). Because a surface-water stream or 

subsurface flow existed and some of the deposits were saturated, the valley deposit was sheared by 
undrained loading and transported downstream together with the sliding mass (III) (Sassa et al, 2004). The 

test results shown in Fig. 12 indicate that the landslide occurred at slope (I).  

Fig. 13 Model for undrained loading of saturated deposits by a displaced sliding mass (Sassa et al., 1997) 



To simulate the succeeding process, sample Beto-2 was used to simulate the situation at slope (II), while 
samples Beto-3 and Beto-4 were used to simulate the behavior at slope (III), and the local slope angles of 

the valley at the sampling points (Beto-3 and Beto-4) were considered.  

In Fig. 13, the valley deposit has a thickness of h0, an initial slope angle of the valley , and groundwater 
thickness on the sliding surface hw. The undrained loading from a rapidly moving displaced landslide has a 

thickness of h, an intrusion angle of  and a dynamic (impact) coefficient of Kd. Based on Sassa et al. 

(1997) and Sassa et al. (2004), it is reasonable for Kd to take a value of unity. Then, the increment of normal 
stress and shear stress from the rapidly sliding mass to the deposits can be determined. The initial 

conditions for the three sampling points, which were employed in the ring-shear tests, are summarized in 

Table 1.  

Table 1 Initial condition for undrained loading on the valley deposits from a rapid sliding mass, Bettou-dani 
landslide 

(deg.)

h0

(m) 
hw

 (m) (deg.)
h

 (m) 

Beto-2 18 5 3 10 30 

Beto-3 18 5 3 0 20 

Beto-4 5 5 3 0 5 

Fig. 14 Simulation test results on sample Beto-2. (a) Applied-stress signals (normal-stress and shear-stress 

increments); (b) Time-series data; (c) Stress paths. BD = 0.96. 



Fig. 14 shows the results of the simulation test on slope (II) using sample Beto-2. Fig. 14a shows the 
input stress signals of normal stress and shear stress before (0-5 sec), during (5-15 sec), and after the 

dynamic impact process (15-30 sec). 

As can be seen in the time-series data (Fig. 14b), pore-water pressure was generated at the same rate as 
the applied normal stress, and failure occurred as soon as the loading was applied. Shear resistance reached 

its peak strength at 7 sec, and arrived at its steady-state strength at 15 sec. As shown by the stress paths (Fig. 

14c), the apparent friction angle is only 2.6 degrees, showing a high mobility of the valley deposit after the 
dynamic loading. All of the series test results show that the valley deposits fluidized after the dynamic 

loading of the rapidly moving displaced sliding mass in an undrained condition. 

Fig. 15 Simulation test results on sample Beto-3. (a) Applied-stress signals (normal stress and shear stress 

increments); (b) Time-series data; (c) Stress paths. BD = 0.99. 

Fig. 15 shows the results of the simulation test on sample Beto-3 at slope (III). The intrusion angle was 
assumed to be zero because the displaced sliding mass came from the upper part of the same valley with the 

same slope angle. Fluidization also occurred, and the apparent friction angle mobilized at the steady state 



came to 4.4 degrees, slightly higher than that of the Beto-2 sample. 
Fig. 16 shows the simulation-test results on sample Beto-4, taken near the toe of the deposits. The 

apparent friction angle of Beto-4 was 5.0 degrees, the same value as the slope angle of the Bettou-dani at 

this part. For this reason, the shear displacement generated in this test was only 38 mm when the loading 
was completed. 

Fig. 16 Simulation test results on sample Beto-4. (a) Applied-stress signals (normal stress and shear stress 
increments); (b) Time-series data; (c) Stress paths. BD = 0.95. 

As a summary of the above dynamic tests, the shear resistance at steady state under the undrained 

condition, the minimum apparent friction angle, and the residual friction angle of the three soil samples 

taken from the Bettou-dani are presented in Table 2. Because all of the possible grain-crushing should have 
been completed when the shearing reached the steady state, the shear resistances at the steady state were 

almost the same. When the normal stress became smaller, the apparent friction angle became larger; and 
when it was larger than the slope angle, the debris flow should have decelerated and finally came to a stop. 

From the above simulation tests that reproduced rapid loading on valley deposits, the impact process, the 

traveling process, and stopping process of the debris flow that occurred in May 2004 were well reproduced 



in the laboratory. 

Table 2 Summary of ring-shear test results on sample Beto-2, 3, and 4 

Sample Shear resistance at steady state 

under the undrained condition 
(kPa) 

Total normal stress 

(kPa) 

The minimum apparent 

friction angle (degrees) 

Beto-2 About 35 620 2.6 

Beto-3 About 35 460 4.4 

Beto-4 About 35 205 5.0 

7. Conclusions 
The May 2004 landslide – debris flow that occurred in the Bettou-dani of the Jinnosuke-dani landslide, 

Haku-san Mountain, showed a fluidization process from landslide to debris flow. By analysis of the 

monitored video images of the debris flow, field investigation of the source area of the landslide, and 
laboratory ring-shear tests that simulated the rainfall triggering mechanism and the fluidization mechanism 

during the process of downstream travel, the followings were concluded: 
(1) Concentrated groundwater flows were a main triggering factor for the landslide initiation by increasing 

water pressure in the slope; 

(2) In the ring-shear simulation test of the landslide initiation, it was shown that even under naturally 
drained conditions, the mobilized shear resistance of the weathered soil in the source area showed a 

rapid decrease after landslide initiation, and this should be the instinctive factor for rapid landslide 
motion after its initiation;   

(3) In the ring-shear simulation test of dynamic loading on the valley deposits, it was shown that high 

potential for grain-crushing of upstream deposits and lower potential of the downstream deposits 
controlled the traveling and stopping process of the debris flow; 

(4) The shear resistance at steady state under undrained conditions is the same for the soil samples taken 

from different parts of the valley (Sample Beto-2, 3, 4). A possible reason is that although the initial 
grain gradations of these samples differ, the soil at the shear zone would become the same when the 

shearing process reached the steady state, when all of the possible grain-crushing is completed. 
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Abstract: The island of Stromboli (Southern Italy) is a large volcanic edifice 4,000 m high, which rises for 

about 900 m above the sea level. Most of the NW flank of Stromboli volcano is formed by a wide depression 

called Sciara del Fuoco, which is filled mostly by irregular alternations of layers of volcanoclastic materials. 

Between 29th and 30th December 2002, the NW flank of Stromboli volcano (Sciara del Fuoco) was involved 

in submarine and subaerial destructive landslides that caused two tsunami waves with a maximum run-up of 

10 m. In this paper, a joint research between the National Research Council (Italy) and the Disaster 

Prevention Research Institute of Kyoto University (Japan) is presented. Tests were performed with the 

large-scale ring-shear apparatus at the Disaster Prevention Research Institute in order to investigate the 

mechanism governing the relatively slow deformation phase that preceded the landslide initiation and the 

subsequent triggering of the rapid submarine landslide that provoked the first tsunami. Since drainage 
conditions for the submarine slide were not known, tests were performed with both opened and closed 

drainages at the specimen top and the shear behaviour was analysed in terms of shear strength, pore-water 

pressure generation and grain crushing. Experimental results indicate that fully or partial liquefaction can be 

invoked to explain the submarine failure and the subsequent long run-out (more than 1,000 m) of the failed 

materials. 

Key words: Landslide, tsunami, volcanoclastic material, ring-shear tests, liquefaction, Stromboli volcano, grain 
crushing  

INTRODUCTION  
The Stromboli volcano, located in the homonymous island (Southern Italy), spreads its products over the NW 
flank called Sciara del Fuoco (fire stream). The Sciara del Fuoco is formed by a more than 200-m thick deposit 

consisting of irregular alternations of volcanoclastic layers with minor layers of primary products (i.e., 
pyroclastites and lava flows). 

Between December 29th and 30th 2002, the thrust exerted by the magma intruded during a major eruption, 

triggered a sequence of large-scale instability phenomena on the Sciara del Fuoco culminating in a submarine and 
two subaerial destructive landslides. Landslides involved about 20 millions m3 of slope materials and produced 

two series of tsunami waves, which run up the inhabited coasts of the Stromboli island for a maximum height of 
10 m, damaged shoreline facilities of the facing Panarea Island (20 km far) and were felt on the northern coast of 

Sicily (60 km far). 

The Italian Department of Civil Defence has promoted a research programme on the effects of the eruption, 
including the reconstruction of instability mechanisms of landslides. In the framework of this programme, a joint 

research between the National Research Council (Italy) and the Disaster Prevention Research Institute (DPRI) of 

Kyoto University (Japan) was conducted as a part of the UNITWIN Cooperation Programme by UNESCO, Kyoto 
University, and the International Consortium on Landslides (ICL) “Landslide Risk Mitigation for Society and the 



Environment”. The joint research aimed at: 

- characterizing the mechanical behaviour of the volcanoclastic materials in the conditions that were possibly 

developed during the landslide processes; 
- refining and supporting with experimental evidences the mechanisms of landslide initiation and propagation 

that had been suggested on the basis of post-failure observations and surveys (Tommasi et al. 2005a). 

Modelling the progressive passage from pre-failure deformations to failure initiation and early landslide 
propagation requires formulating an extremely complex constitutive model for stress-strain analysis. Experimental 

activity can contribute to clarify some unresolved aspects of the particular mechanical behaviour of volcanoclastic 
material and therefore to set up a reliable model. 

This paper refers to tests performed with the large-scale ring-shear apparatus at DPRI, Kyoto University, in 

order to investigate mechanism governing the relatively slow deformation phase that preceded landslide initiation 
and the subsequent triggering of the rapid submarine landslide. Different drainage conditions were adopted in 

order to investigate the influence of the displacement rate on excess pore-water pressure generation and strength 

reduction during the shearing process. 

SCIARA DEL FUOCO MORPHOLOGY AND INSTABILITY PHENOMENA  
The island of Stromboli is the subaerial portion of a 4,000 m high volcanic edifice that rises for about 900 m 

above the sea level. The Sciara del Fuoco, hereafter called SdF or simply Sciara, is a scree slope, which collects 
the products of the persistent volcanic activity and drives them to the sea (Fig. 1). Actually, the Sciara is a 

depression originated by the last lateral collapse occurred after 5.6±3.3 kyears b.p. (Tibaldi 2001), that is filled by 
a more than 200 m thick alternation of overlapping thick layers of loose volcanoclastic materials with minor 

layers of primary products (i.e. pyroclastites and lava flows). 

Fig. 1 View of the Sciara del Fuoco before the 2002 landslides from the sea 

Volcanoclastic materials result from continuous sliding of primary products and their incessant redistribution 

over the slope by sheet slides and subsequent grain flows so as to produce a series of irregular, mostly 

reverse-graded grain-supported layers (Fig. 2). 

THE DECEMBER 2002 TSUNAMOGENIC LANDSLIDES 
Detailed description of the instability events and their links with volcanic activity is reported in the paper by 

Tommasi et al. (2005a). The eruption started in the early evening of December 28th when lava poured from the 
NE crater and rapidly reached the shoreline. Due to the adverse meteorological conditions and continuous steam 

emission from the craters, the first photographs were taken by helicopter in the early morning of December 30th. 



They revealed that a relatively deep-seated landslide had occurred in the preceding hours (  in Fig. 3). The 

movement, which is indicated as  slide, had produced a significant displacement in the upper half of the slope 

with intense deformations, but did not evolve into a destructive landslide. Post-slide morphological reconstruction 

and pre-failure helicopter photographs of the lower part of the slope indicated that slide had a limited 

extension to the submarine slope. 

Fig. 2 View of the Sciara foot after the 2002 landslides and detail of the volcanoclastic deposit (in the 
foreground the front of a major lava flow of the 1985 eruption) 

In the early morning of December 30
th
, the slope was relentlessly deforming and the slide body was 

fragmenting into several “blocks”. The larger block (which would have collapsed afterwards producing the 

second tsunamogenic landslide ) extended from 450-500 m a.s.l, down to the shoreline (Fig. 3). 

In the late morning two series of tsunami waves propagated from the SdF and hit the inhabited coastal 

areas of the island with a maximum run-up of more than 10 metres (Tinti et al. 2005). The initial wave 

receding at Sciara del Fuoco suggests that the first tsunami wave was generated by a submarine slide, 

hereafter called slide (Figs. 3 and 4). The  slide was followed by a second tsunamogenic landslide 

detached from the disarranged subaerial slope. This interpretation is supported by amplitude of near-field 

waves recorded in physical models performed by Watts (2000).  

LITHOLOGICAL AND PHYSICAL PROPERTIES OF THE VOLCANOCLASTIC MATERIAL 

Volcanoclastic layers represent the most abundant and weakest component of the Sciara deposit and extend 

with continuity over extremely large areas (up to some 10
5
 m

2
). Observations of the deposition process on 

the Sciara slope before and after the 2002 events indicate that lithology, grain size and structure of 

volcanoclastic materials remain virtually unaltered in the course of time. Therefore, these levels of loose 

granular materials are likely to exist also at depth and can represent preferable initiation paths for slip 

surfaces. 

Continuous falls of products ejected by the explosions inhibit the access to a large area around the craters. 

At lower elevations, incessant rock falls and small debris avalanches resulting from the shallow failures of 

the slope materials make large part of the Sciara slope not accessible excepting for few minutes at some 



selected sites. In these conditions in situ borehole investigations cannot be carried out and samples of 

volcanoclastic materials for geotechnical characterization can only be taken from the surface layers. 

However, since the deposition process is repetitive, they can be considered as being representative of the 

material at depth. 

 slide

 slide

Fig. 3 Limits of the major instability phenomena occurred on December 30
th

 2002 (from Tommasi et al. 2005b) 

Fig. 4 Profile of the Sciara del Fuoco slope. Slip surfaces reconstructed by comparison of pre- and post-slide 
morphology are shown 



Suitable sampling sites are all endangered by rockfalls and slides. Minimum duration of sampling 

operations and transfers from access points to sampling sites and vice versa is obtained when sampling is 

conducted at the near-toe part of the slope. Further reduction of the probability of being hit by sliding/falling 

materials was assured by carrying out sampling during the wet season in the early morning when water 

content in the shallow layers is higher. Under these conditions, increased soil suction prevents skin slides and 

subsequent spreading of debris downslope. 

The volcanoclastic material is mainly composed by gravelly and sandy layers (box in Fig. 2), which in 

the sampling area, have angular to subangular clasts with high surface roughness and low sphericity. 

Rounding, smoothness and sphericity progressively increase proceeding downslope, due to grain sliding and 

rolling (Kokelaar and Romagnoli 1995). 

Recently, bottom samples were collected on the seafloor of the south-eastern part of the submerged 

Sciara slope, which was not involved in the 2002 slide events and therefore can be considered as being 

representative of the pre-slide conditions. Rounding and sphericity of the grains were found to be similar to 

those of the subaerial materials used for experimental investigations. This result justifies the use of subaerial 

samples for analysing the shear behaviour of the submerged slope material. 

Fig. 5 Macrophotograph of black (on the left) and reddish (on the right) scoriae. 

Fig. 6 SEM microphotographs of black (on the left) and reddish (on the right) scoriae. 

Physical and mechanical properties of grains were determined by Tommasi et al. (2005b). The most 

abundant are black and reddish scoriae that, at the scanning electron microscope, appear to be formed by 

small lumps (mostly vitric) ranging in size from few tenths of millimetres to few millimetres, which are 

welded together as to form a continuous frame (Figs. 5 and 6). Pores are extremely diffuse and generally do 

not exceed few tenths of millimetre in size, even though larger pores (up to 2-3 mm) are observed (Figs. 5 

and 6). Black and reddish scoriae result from the disruption of the outer parts of brecciated lava flows 

(aa-type), spatters and agglutinates. Less frequent are grey fragments of aphanitic lava with low-porosity 

coming from the core of lava flows. 



Mean values of dry density measured on the different grain size classes with a mercury pycnometer were 

2.34, 2.30 and 2.37 Mg/m
3
 for the scoriaceous (black and reddish) and grey, respectively. The mean value of 

the density of the whole set of samples is 2.34 Mg/m
3
 with a standard deviation of 0.04 Mg/m

3
. Solid matrix 

density determined with a helium picnometer on powders of a representative sample of the aggregate is on 

average of 2.90 Mg/m
3
 yielding a mean value of the total porosity of the grains equal to 19.2%, that is almost 

completely connected. 

Grain strength estimated through point load tests on larger clasts revealed to be low and strongly 

dependent on grain porosity. For grain porosity of 20% (i.e., the average value of the sample), the strength 

index IS,50 is equal to 0.9 which according to the correlation suggested by ISRM (1985) yields a uniaxial 

compressive strength c of 21 MPa. The multiplying factor suggested by ISRM ( c=22IS,50), derived from 

tests on hard rock materials, could be too high for this type of soft rocks and in turn actual uniaxial strength 

of the clasts would be significantly lower than 21 MPa. On the basis of tests conducted on biohermal lime 

materials, which present some textural analogies with the volcanoclastic grains (i.e. large pores diffused 

throughout the material), Smith (1997) proposed a multiplying factor of 14.3. This factor reduces the c of 

the Stromboli volcanoclastic grains, pointing out the potential high attitude of grains to crushing even under 

low contact stresses. 

The grain size distribution of a typical layer of the volcanoclastic deposit is shown in Fig. 7. In order to 

assure a convenient ratio between the maximum grain size and the sample height in the ring-shear apparatus, 

tests were performed on the fractions passing the 8 mm sieve. The corresponding grain size distribution 

(Fig.7) was obtained by shifting the in-situ curve parallel to the grain size axis according to Fumagalli (1969). 

The tested material can be classified as sand with gravel.

Fig. 7 Particle size distribution curves of in situ material and tested material before and after the tests 

The minimum and maximum void ratios of the tested material were calculated from densities measured 

in laboratory through the ASTM standard procedure leading to values of emax and emin equal to 0.72 and 0.41 

respectively.  

In situ void ratio was calculated from dry density determined on the surface material by driving a large 

thin walled sampler into the soil. In fact, the standard sand replacement method provided unreliable values 

due to the instability of the rim of the cavity to be replaced by sand. The calculated value of the in situ void 

ratio (e0= 1.18) was much higher than the maximum void ratio determined in the laboratory on the tested 

material. This difference is due to the higher percentage of the coarser fraction and to the lower sorting of the 

layers where in situ measurement was possible. 

AIM OF EXPERIMENTAL ACTIVITY 

For the comprehension of the shear behaviour of volcanoclastic materials in the phase of initiation of 

landslides and during the runout of the submarine slide, a series of shear tests were performed with the 



ring-shear apparatus DPRI-6 developed at the DPRI of Kyoto University (Sassa 1997). Methodology 

followed for shear testing with this new apparatus and the recent results obtained from simulation of shear 

processes occurred in various landslide phenomena (e.g. Otari debris flow disaster and 

earthquake-induced-landslides in the upper slope of the Nikawa area) were reported by Sassa (1996) and 

Sassa et al. (1997, 2003 and 2004a). 

This large-scale ring-shear apparatus is characterised by an inner diameter of 250 mm, an outer diameter 

of 350 mm and a maximum height of the sample of 150 mm and, thus, is suitable for testing coarse-grained 

volcanoclastic material. The DPRI-6 ring-shear apparatus allows performing tests in both drained and 

undrained conditions thanks to a water-leakage tightness system formed by O-rings on the upper loading 

platen and bonding rubber edges on the two confining rings of the lower rotary pair (Sassa et al. 2004b). 

Pore-water pressure is measured by two transducers located 2 mm above the shear surface. 

The sample was placed into the shear box by the dry pluviation method (see e.g. Ishihara 1985). In order 

to avoid segregation phenomena during the infilling, the whole sample was initially subdivided into eight 

smaller parts which were subsequently deposited in the apparatus in different layers without tamping. The 

void ratio expected at the depth where the shear surface is supposed to have developed was obtained by 

applying the in situ state of stress during the consolidation phase. Lower values of void ratio due to 

overconsolidation are likely to be excluded. In fact after each erosional phase of the Sciara slope, the 

continuous deposition of new material rapidly re-establishes a state of normal consolidation. 

Based on the reconstructed succession of the events on 29 and 30 December 2002, a testing programme 

was defined at DPRI in order to reproduce conditions existing at the moment of the initiation and 

propagation of the different landslides that succeeded since the beginning of the eruption as follows. 

1) magma intrudes into the slope from the feeding system of the volcano and exerts a thrust on the dry soil 

mass which is involved in a huge movement (  slide); 

2) the southern part of the  slide (  slide) detaches from the main slide body and start sliding at a higher 

displacement rate;  

3) the movement of  slide produces the undrained or partially drained loading of the fully-saturated 

submarine deposit which finally results in a rapid submarine  slide;  

4) While the  slide mainly involved the dry subaerial slope, the rapid failure of the submarine slide was 

reasonably triggered by a significant rise of excess pore-water pressure in the submerged slope. 

RESULTS OF RING-SHEAR TESTS 

The subaerial landslide (  slide) 

Since most of the slip surface of the  slide developed inside the subaerial flank of the volcanic edifice, 

the test was conducted in dry conditions. The material was subjected to an initial state of stress reproducing 

in situ stress conditions at the base of the slide body. The slip surface was estimated to be located at an 

average depth of 66 m with an average dip of 33° (Fig. 4). By assuming a dry unit weight d= 13 kN/m
3

(equal to that obtained from in situ measurements), the sample was anisotropically consolidated at a normal 

stress of 600 kPa and at a shear stress of 390 kPa. At the end of consolidation, the dry unit weight reached 

the value of 17.3 kN/m
3
.

In order to simplify the testing procedure and the interpretation of test results, it was assumed that the dip 

of the shear surface of the landslides did not vary significantly throughout the slope. Therefore only 

additional shear stress was applied after consolidation by increasing the shear torque with a loading rate of 

204 Pa/s (0.12 kgf/cm
2
/min).  

Time-histories of normal stress and shear resistance for the test are plotted in Fig. 8a and 8b. Shear 

resistance increases linearly according to the linear increasing of applied torque up to a peak value 

corresponding to an instantaneous friction angle of 40° (with two short hold-ups). After peak shear resistance, 

the shear strength decreases down to a value corresponding to an instantaneous friction angle of 34°, which 

maintains constant for the remaining part of the test. Due to the torque-controlled procedure, the drop of 

shear resistance after peak is accompanied by a sudden increase of the shear displacement rate.

Both peak and residual friction angles resulted to be higher than the average slope angle (33°) of the 

slip surface and that of the subaerial slope. This is an indirect evidence that an external load, such that 

applied by the intruded magma, was necessary to initiate the  slide. Without a magmatic intrusion the 

subaerial slope would have been stable with the slope geometry existing in December 2002.



(a)

(b)
Fig. 8 Time histories of total normal stress, shear resistance and shear displacements recorded during a dry ring 

shear test: a) data of the whole test; b) detail of the near-failure stage 

The submarine  slide  
The second set of tests was conducted in fully-saturated conditions, as those existing in the submarine 

slope before and during the  slide. Full saturation was obtained by supplying the sample with a CO2 flux 

followed by a de-aired water flux for a time (generally more than 12 hours) sufficient to obtain a BD value 

(Skempton’s pore pressure parameter B in direct shear condition, Sassa 1988) higher than 0.95. 

Since the loading rate and the related drainage conditions of  slide were uncertain, two different types 

of torque-controlled tests were performed: undrained shear tests and shear tests with open drainages from the 

sample top through the upper loading platen. In the latter procedure drainage is not prevented and excess 

pore-water pressure can generate depending on material behaviour and loading rate (these conditions are 

referred to as naturally drained conditions (Sassa et al. 2004a). 

In both cases, samples were first consolidated at an anisotropic state of stress corresponding to that 

acting along the slip surface, characterized by average depth and dip of 37 m and 28°, respectively. 

Therefore a normal stress of 230 kPa and a shear stress of 122 kPa were applied under drained condition. At 

the end of the consolidation phase, dry unit weight ranged between 16.6 and 17.2 kN/m
3
. In the further more 



shearing process simulating the shear loading from  slide, shear torque was loaded at a rate of 55 Pa/s.

Undrained shear tests 

Results of the undrained torque-controlled test are reported in Figs. 9a, 9b and 10. Figures 9a and 9b 

show the time-histories of total normal stress, shear resistance, pore-water pressure and shear displacement 

in the whole test and details of the near-failure stage, whilst the effective and total stress paths are plotted in 

Fig. 10. During the first stages of the undrained shearing, excess pore-water pressure generated as shear 

stress increased, producing a decrease of the effective normal stress (Fig. 10). 

Fig. 9 Time-histories of total normal stress, shear resistance, pore-water pressure and shear displacement recorded 

during the undrained ring shear test: a) data of the whole test; b) detail of the near-failure stage 



Fig. 10 Effective and total stress paths during the undrained ring shear test 

Fig. 11 View of the shear zone after the test 



This behaviour inverted when pore-water pressure reached about 25 kPa; from this point material 

dilation induced a progressive decrease of pore-water pressure down to negative values, producing a 

progressive increase of the effective normal stresses (Fig.9a). When negative pore-water pressure reached 

about 45 kPa, the volcanoclastic material experienced liquefaction: pore-water pressure rose up to values 

higher than 200 kPa, shear resistance abruptly decreased down to few kilopascals and correspondingly the 

shear displacement rate increased significantly (Fig. 9b). 

The apparent friction angle at the final stage, given by the arctangent of the ratio between the mobilised 

shear resistance and the total normal stress, is about 3°, showing a high mobility of the material under 

undrained shearing in the liquefied state. 

The angularness and surface roughness, typical of the volcanic grains, are responsible of the dilatant 

behaviour which induced negative excess pore-water pressures up to -30 kPa high. Dilatant behaviour was 

also recorded by other authors (e.g., Castro 1969) in the initial stage of triaxial tests on medium-dense sands, 

which display a strain-softening behaviour after dilation takes place, without being affected by liquefaction. 

Liquefaction of medium-dense to dense sands were already observed in ring-shear tests performed in 

undrained conditions at DPRI by Sassa (1996) and Wang and Sassa (2002), who demonstrated that, 

irrespective of the initial void ratio of the soil, liquefaction can be triggered if the following two conditions 

are verified: 

1) the shear stress has to be great enough to initiate failure of the soil; 

2) soil grains have to crush during-shearing under the applied normal stress. 

Since grain crushing results in volume reduction, excess pore-water pressure generates. Furthermore, the 

reduction of grain size within the shear zone decreases permeability and in turn the velocity of excess 

pore-water pressure dissipation. 

Grains of the Stromboli volcanoclastic deposit revealed to be highly crushable under the applied testing 

conditions. Grain crushing induced by the shearing process is apparent both in the photograph of the material 

forming the shear zone (Fig. 11) and in its grain size distribution (Fig. 7). 

Shear tests with open drainages  

The second set of tests was conducted with the drainages open at the specimen top. Time-histories of the 

total normal stress, shear resistance and shear displacement of a typical test are plotted in Fig. 12. 

Fig. 12 Time-histories of total normal stress, shear resistance and shear displacement recorded during the ring 

shear test with open drainages 



The shear resistance increased gradually up to the maximum value, corresponding to a peak friction angle 

of about 44°. The linear increase of shear resistance with the increase of the applied shear stress indirectly 

indicates that drained conditions can be reasonably assumed for this first part of the test. After peak the shear 

resistance suddenly dropped for some seconds, as a result of shear failure and increasing of shear 

displacements, and thereafter increased up to around 34°. In fact, grain crushing rate is the greatest 

immediately after failure and decreases as shear displacement proceeds, while pore pressure dissipation rate 

is function of pore pressure difference between the shear zone and the sample top. 

The drop of the shear resistance below the dynamic residual friction angle (a minimum apparent friction 

angle of 18° was reached) is likely to be a consequence of local excess pore-water pressure within the shear 

zone, which can build-up due to the high crushability of the Stromboli volcanoclastic material. Since the rate 

of grain crushing, and in turn the rate of pore-water pressure generation, decreased as shear displacement 

proceeded, excess pore-water pressure decayed soon and the shear resistance was progressively recovered up 

to a value corresponding to an apparent friction angle of about 34° (Fig. 12). 

Peak friction angle measured in this test (44°) are higher than those determined through the test in dry 

conditions (40°). That result is accounted for by the higher normal stress applied in the test on dry materials 

in conjunction with the typical non-linear strength envelope of granular materials (Marsal 1973; Indraratna et 

al. 1993; Tommasi et al. 2005b) and in particular for those with crushable grains. 

Conclusions 
The normally consolidated Stromboli volcanoclastic material displays a high peak friction angle at failure 

and is highly dilatant in the initial shearing stage, as a consequence of the angularness and surface roughness 

of grains. Such a behaviour support the hypothesis that an additional thrust by magma intruded in the upper 

part of the slope was necessary for the initiation of the deep seated instability, which was instrumental in the 

further evolution of the slope.  

Results of the undrained ring-shear test indicate that, if undrained condition was established in the 

submerged slope, liquefaction can be invoked to explain the submarine failure and the subsequent long 

run-out of the marine landslide (greater than 1000 m). 

The test performed with open drainage, however, provided experimental evidence that a significant 

drop-down of shear resistance would have been sufficient to lead the slope to failure even during not fully 

undrained shearing. 

The two experimental conditions could be related to different deformation processes occurred in the 
submarine slope immediately before failure. 

Failure could have occurred simply when shear stress reached a threshold value at which grain crushing 

significantly occurred and local excess pore-water pressure may have generated. This mechanism seems to 

correspond to the conditions existing in the test with open drainages. 

Alternatively a sharp increase in shear displacement rate at the base of the sliding mass could have been 

produced during fragmentation of the original subaerial sliding mass (Tommasi et al. 2005a) or could have 

resulted from local sudden failures of more resistant/rigid parts of the slope. This second mechanism should 

have induced a much more rapid increase of excess pore-water pressures, compared to time required for their 

dissipation, and therefore could be better represented by the fully undrained testing conditions. 

At present no indication exists about the loading rate at the stage preceding the submarine  slide. 

Assuming that the loading rate adopted in the fully saturated tests is comparable to that of the actual shear 

process, the values of the apparent friction angles determined in the undrained tests (3°) and in tests with 

open drainages (18°) are respectively the lower and upper bound of the shear strength mobilised after failure 

at the base of the submarine slide body.  
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Abstract: A series of tests undertaken to investigate the undrained shear behavior of sands with different 
grading is presented. The tests were conducted by means of a new ring shear apparatus at different relative 
densities and normal stresses. Silica sands constituted to various uniformity coefficients were classified as well 

graded (WG), intermediately graded (ING), narrowly graded (NAG) and gap graded (GAG). Osaka Formation 
specimens from a landslide site were used to verify some results of the investigation. Results of the 

investigation undertaken to clarify the influence of grading on the shear strength of sandy soils show that in 

medium and dense states the values of their peak strengths are ranked as WG> ING> NAG> GAG. However, 
their steady state strengths are in the order of NAG> ING>WG>GAG. Although the steady state strengths of 

WG, ING graded and NAG specimens in loose state are very low, only the steady strengths of NAG and ING 

specimens have steady state strengths of zero. The reduction of steady strength to zero after failure has been 
described in this paper as complete liquefaction. Results of the investigation on the factors initiating flow slides 

show that there is a threshold state demarcating sands that contract from those that dilate. The threshold state 
which is characterized by the equality of shear resistance and generated pore pressure at failure is independent 

of both initial confining stress and grading of specimens. When the threshold pore pressure is exceeded, 

specimens tend to collapse and flow-liquefy. When the contrary is the case, specimens show dilative behaviors. 

Keywords: Flow liquefaction, threshold pore pressure, particle gradation, peak strength, steady-state strength, 
ring shear tests.

1. Introduction    
1.1 Background and objectives

The conditions necessary for liquefaction and the mechanism underlying the liquefaction of saturated soils 
subject to dynamic or static loading have been discussed by a great deal of researchers, including Casagrande 

(1936, 1976), Terzaghi and Peck (1948), Seed (1966, 1979, 1981), Castro (1969, 1975), Seed and Idriss (1971), 
Whiteman (1971), Ambraseys (1973), Gilbert (1976), Poulos (1981), Kutter (1982), Poulos et al. (1985), 

Eckersley (1985), Gilbert and Marcuson (1988), Ishihara et al. (1990), Ishihara (1993), Marui (1996), Sassa 

(1996, 1997, 2000)  Sassa et al. (1996, 1997, and 2003). It has been variously mentioned that the void ratio or 
relative density of the soil, the confining stress on the soil, the intensity and duration of ground shaking, are 

important factors determining the liquefaction susceptibility of a saturated soil.  
While highlighting the importance of such factors as confining stress, initial shear stress, particle angularity, 

grain structure or fabric, over-consolidation ratio, previous strain history, intensity and duration of ground 

shaking in predicting the liquefaction susceptibility of a soil mass, researchers have also provided evidences 
that indicate liquefaction is associated, primarily, with loosely deposited, poorly graded sands and silts (Seed 

1979; Castro and Poulos 1977; Seed 1981; Sassa 1985; Vaid and Chern 1985; Vaid et al. 1990; Kramer and 

Seed 1988; Sassa and Wang 2003; Yamamuro and Lade 1999; Yoshimine et al. 1999). 
It is noted that while the factors mentioned above are valuable in understanding the mechanism of flow 

slides, they do not seem to be enough in predicting the liquefaction susceptibility of a mass of soil. Not all 
loose soils at a given effective normal stress, for instance, will collapse and liquefy when subject to sufficient 

amount of shearing stress. Since neither relative density nor initial stress condition can fully account for why 



some soils liquefy and others do not, the authors have chosen to study the pore pressure changes associated 
with non-cohesive soils under stress. By investigating the pore pressure changes associated with the soils under 

stress, the authors hope to understand why some soils collapse and liquefy whereas others under identical initial 

stress conditions dilate and gain strength.  
Furthermore, although liquefaction phenomenon has been the subject of a barrage of investigations and 

publications for decades now, not much is known about the influence of particle size distribution on the 

mechanical behavior of granular materials, despite the universal knowledge that whether a material slides or 
flows is closely tied to its nature. Greater emphasis, it seems, has been placed on the influence of such other 

factors as void ratio, confining stress, and rate of loading than on particle characteristics. It is the objective of 
this research to investigate the influence of grading on the shear behavior of sandy soils in loose, medium and 

dense states. This paper attempts to scrutinize the influence of grading on the peak and steady state strengths of 

soils categorized as narrowly graded, intermediately graded, well graded and gap graded. The concept of gap-
graded soils has not been properly understood yet. Good knowledge of the underlying mechanism of failure in 

gap- graded soils may yield strong insight on liquefaction of soils.  
Researchers including Hutchinson and Townsend (1961), Kirkpatrick (1965), Koerner (1969), Lee and 

Fitton (1969), Ross et al. (1969), Kishida (1969), Wong et al. (1975), and Vaid et al. (1990), Kokusho et al. 

(2004) have conducted tests using soils of varying grading, but they have done so using the triaxial cell 
apparatus which do not permit soils to be displaced for long distances. It stands to reason that if soils do not 

undergo sufficient displacement, making conclusions about their steady state strengths would be, at best, an 

inconclusive exercise. The ring shear apparatus, among other attributes, permits unlimited displacement of 
soils; and should be suitable for examining the post-failure behavior of granular materials.   

1.2 Overview of related works 

Although plenty of published works exists, with some of them predating Hutchinson and Townsed 1961, 

scarcity of conclusive laboratory evidences, irregularities arising from laboratory apparatuses ((Hutchinson and 
Townsed 1961; Kirkpatrick 1965)., narrow range of materials investigated, and sometimes, problems 

associated with difficulty distinguishing the effects of particle gradation from those of particle size have 
combined to limit what is presently known about the relationship between grading liquefaction. In spite of this, 

however, there are evidences relating liquefaction potential with gradation.  

In their pulsating loading triaxial tests on saturated soil samples, Lee and Fitton (1969) compared soils tested 
at the same relative density and confining stress, and found that fine, silty sands were weaker than gravely ones. 

Lee and Fitton’s conclusion were quite consistent with those of Wong et al. (1975), who had reported, in their 

evaluation of the liquefaction-susceptibility of gravely soils and sands, that the cyclic stresses required to cause 
a certain amount of strain of saturated samples of gravely sands were apparently higher than those causing 

similar strains in sands. Castro and Poulos (1977) had similarly noted that liquefaction was more likely in 
uniform, fine, clean sands than in wider graded sands.  

While studying the resistance to liquefaction of three medium sands having linear grain-size-distribution 

curves, identical mean grain size and mineralogy, but different uniformity coefficients (1.5, 3.0, and 6.0), Vaid 
et al. (1990) found that at low relative densities, poorly graded, water-placed, sand had lower cyclic strength 

than well-graded sands at the same initial condition. They however found that the reverse trend was true at 
relative densities above 43 %. They observed that within a certain range of relative densities – from the loosest 

state to a relative density of about 43% - poorly graded sands deformed in a purely contractive manner without 

dilating, whereas well-graded ones, within the same range of relative densities, deformed in a dilative manner. 
They concluded, on these evidences, that gradation might control the occurrence of contractive behavior, and 

possibly, flow failure at low relative densities.  

Some recent effort by Kokusho et al (2004) has also drawn some interesting conclusions. They found that 
while well-graded soil materials composed of non-crushable particles tended to have higher undrained 

monotonic strengths than poorly graded ones, well graded materials made up of crushable particles had lower 
undrained monotonic strength than poorly graded materials.  

It may be important to note that the conclusions drawn from these laboratory tests appear similar to those 

drawn from field investigations including those by Ross et al. (1969) and Kishida (1969) who had in their 
separate investigations reported strong evidences of greater shear resistance to cyclic liquefaction by wider 

graded soils while investigating the bridge foundation displacements in the March 27, 1964 Alaska earthquake 



which caused extensive damage to highway bridges, and the characteristics of liquefied sands during the Mino-
Owari Tohnankai and Fukui earthquakes respectively. Ross et al. (1969) had specifically noted that there were 

no cases of bridge damage for those supported on gravely sands, whereas the bridges supported on sands 

suffered massive damage. Kishida (1969), too, had reported that liquefaction was limited to areas consisting of 
poorly graded soil, and that areas founded on well graded soils did not suffer liquefaction. 

2. Apparatus and material 
2.1 Apparatus 

The results presented and discussed in this paper are from a new ring shear apparatus, hereafter referred to as 
DPRI-5, which is the fifth version of ring shear apparatuses available at Disaster Prevention Research Institute, 

Kyoto University, Japan. Designed, modified, and vastly improved by Sassa in 1996, DPRI-5 (Fig. 1) is 

reinforced with devices capable of sustaining undrain loading throughout the duration of a test. The apparatus 
is structured to eliminate some difficulties commonly encountered while studying the mechanism of landslide 

motion, and sufficiently equipped to allow speed-, and stress- controlled tests; and the measurement of very 
large shear displacement. Details of the structure and efficiency of the apparatus have been discussed 

comprehensively by Sassa et al. (2002), and Wang and Sassa (2001). 

Fig.1 Picture of the ring shear apparatus  

2.2 Specimen characteristics 

Industrial sand materials composed of sub-angular to angular quartz and small amount of feldspar were 
reconstituted to three uniformity coefficients – 3.3, 4.5, 9.0 and 17.5 – referred to as narrowly graded (NAG), 

intermediately graded (ING), well graded (WG) and gap graded (GAG) The grain size distribution curves are 
shown in Fig. 2, while the physical properties of the reconstitutes are summarized in Table 1. The authors are 

aware of the importance of reconstituting sands with different uniformity coefficients but the same mean 

particle size. However, the mean particle sizes in Table 2 have slight differences. 



Fig.2 Grain size distribution curves of the four samples of silica sand 

Table 1 Physical properties of test specimens 

Specimen Minimum 
dry density 

(g/cm
3
)

Maximum 
dry density 

(g/cm
3
)

Mean grain 
size (D50)

Effective 
grain size 

(D10)

Uniformity 
coefficient, 

Uc 

Specific 
gravity 

Well-graded 
(WG) 

1.38 1.82 0.25 0.05 9.0 2.65 

Intermediately 

graded(ING) 

1.26 1.68 0.12 0.03 4.5 2.65 

Narrowly 
graded(NAG)

1.24 1.66 0.09 0.03 3.3 2.65 

Gap-

graded(GAP) 

1.25 1.67 0.50 0.03 17.5 2.65 

Table 2 A summary of results of investigation on natural and artificially constituted sandy soils 

Test 

No. 

Material Grading Dr

(%)
i

(kPa)
p

(kPa)
ss

(kPa) 

IB Behavior Test 

condition 

BD

value

1 Silica NAG 29.4 257 70 0 1.0 Purely 

contractive 

Undrained 0.96 

2 Silica NAG 29.5 220 49 0 1.0 Purely 

contractive 

Undrained 0.97 

3 Silica NAG 29.5 305 85 0 1.0 Purely 
contractive 

Undrained 0.96 

4 Silica NAG 32.2 200 142 136  Large 

volume 
reduction 

Drained 0.97 

5 Silica NAG 33.1 201 49 7 0.85 Purely 

contractive 

Undrained 0.97 

6 Silica NAG 42.1 196 83 35 0.60 Contractive 
and dilative 

Undrained 0.96 

7 Silica NAG 44.1 375 145 40 0.72 Contractive 

and dilative 

Undrained 0.96 

8 Silica NAG 44.1 280 116 40 0.65 Contractive Undrained 0.96 



and dilative 

9 Silica NAG 44.2 196 93 40 0.57 Contractive 
and dilative 

Undrained 0.96 

10 Silica Silica NAG 44.3 360 144 40 Contractive 

and dilative 

Undrained 0.96 

11 Silica NAG 48.2 196 100 45 0.54 Contractive 

and dilative 

Undrained 0.97 

12 Silica NAG 50.5 196 120 48 0.60 Contractive 
and dilative 

Undrained 0.96 

13 Silica NAG 52.3 196 130 56 0.57 Contractive 

and dilative 

Undrained 0.96 

14 Silica NAG 53.3 196 137 52 0.54 Contractive 
and dilative 

Undrained 0.97 

15 Silica NAG 42.5 196 81 36 0.55 threshold

pore

pressure

Undrained 0.96 

16 Silica NAG 55.2 290 134 40 0.70 threshold

pore

pressure

Undrained 0.96 

17 Silica NAG 56.2 196 154 70 0.49 Contractive 

and dilative 

Undrained 0.96 

18 Silica NAG 60.0 196 168 65 0.58 Contractive 

and dilative 

Undrained 0.96 

19 Silica NAG 62.1 196 196 84 0.57 Contractive 
and dilative 

Undrained 0.97 

20 Silica NAG 64.5 196 200 84 0.58 Contractive 

and dilative 

Undrained 0.96 

21 Silica NAG 74.1 196 243 100 0.59 Contractive 
and dilative 

Undrained 0.97 

22 Silica ING 29.1 262 67 0 1.0 Purely 

contractive 

Undrained 0.97 

23 Silica ING 29.2 202 54 5 0.91 Purely 

contractive 

Undrained 0.96 

24 Silica ING 31.5 290 97 10 0.90 Purely 
contractive 

Undrained 0.97 

25 Silica ING 44.3 196 81 32 0.60 Contractive 

and dilative 

Undrained 0.96 

26 Silica ING 44.3 280 127 32 0.75 Contractive 
and dilative 

Undrained 0.96 

27 Silica ING 44.1 374 161 32 0.80 Contractive 

and dilative 

Undrained 0.96 

28 Silica ING 46.2 196 89 34 0.62 Contractive 

and dilative 

Undrained 0.96 

29 Silica ING 53.3 196 145 55 0.62 Contractive 
and dilative 

Undrained 0.96 

30 Silica ING 53.5 290 140 42 0.70 Contractive 

and dilative 

Undrained 0.96 

31 Silica ING 56.5 196 165 56 0.66 Contractive 
and dilative 

Undrained 0.96 

32 Silica ING 57.0 196 176 50 0.71 Contractive 

and dilative 

Undrained 0.96 

33 Silica ING 60.2 196 188 62 0.67 Contractive Undrained 0.96 



and dilative 

34 Silica ING 62.2 196 199 70 0.64 Contractive 
and dilative 

Undrained 0.97 

35 Silica ING 66.4 196 212 81 0.62 Contractive 

and dilative 

Undrained 0.97 

36 Silica ING 66.5 290 235 70 0.70 Contractive 

and dilative 

Undrained 0.97 

37 Silica ING 68.1 197 235 74 0.68 Contractive 
and dilative 

Undrained 0.97 

38 Silica ING 74.3 196 246 86 0.65 Contractive 

and dilative 

Undrained 0.96 

39 Silica ING 77.2 290 290 81 0.72 Contractive 
and dilative 

Undrained 0.96 

40 Silica WG 29.5 250 80 13 0.84 Purely 

contractive 

Undrained 0.96 

41 Silica WG 29.5 290 106 12 0.88 Purely 

contractive 

Undrained 0.96 

42 Silica WG 29.5 196 60 12 0.80 Purely 
contractive 

Undrained 0.96 

43 Silica WG 30.2 196 146 137  Large 

volume 
reduction 

Drained 0.96 

44 Silica WG 39.5 105 47 13 0.72 threshold

pore

pressure

Undrained 0.97 

45 Silica WG 43.2 196 95 25 0.73 Contractive 

and dilative 

Undrained 0.96 

46 Silica WG 44.1 235 122 23 0.81 Contractive 
and dilative 

Undrained 0.96 

47 Silica WG 44.3 203 107 21 0.80 Contractive 

and dilative 

Undrained 0.96 

48 Silica WG 44.3 366 198 23 0.88 Contractive 

and dilative 

Undrained 0.96 

49 Silica WG 44.4 290 173 23 0.86 Contractive 
and dilative 

Undrained 0.96 

50 Silica WG 45.1 196 115 30 0.74 Contractive 

and dilative 

Undrained 0.97 

51 Silica WG 47.1 196 119 30 0.74 Contractive 
and dilative 

Undrained 0.97 

52 Silica WG 48.5 196 128 31 0.75 Contractive 

and dilative 

Undrained 0.96 

53 Silica WG 50.5 196 150 33 0.78 Contractive 

and dilative 

Undrained 0.96 

54 Silica WG 53.2 200 166 35 0.79 Contractive 
and dilative 

Undrained 0.96 

55 Silica WG 55.3 198 198 37 0.81 Contractive 

and dilative 

Undrained 0.96 

56 Silica WG 57.1 196 209 29 0.81 Contractive 
and dilative 

Undrained 0.96 

57 Silica WG 57.3 200 215 24 0.88 Contractive 

and dilative 

Undrained 0.96 

58 Silica WG 64.1 198 230 57 0.75 Contractive Undrained 0.96 



and dilative 

59 Silica WG 66.5 196 238 52 0.78 Contractive 
and dilative 

Undrained 0.97 

60 Silica WG 70.2 196 257 54 0.79 Contractive 

and dilative 

Undrained 0.96 

61 Silica WG 72.1 200 287 56 0.80 Contractive 

and dilative 

Undrained 0.96 

62 Silica WG 58.2 196 217 35 0.83 Contractive 
and dilative 

Undrained 0.96 

63 Silica GAG 42.1 196 81 17 0.79 threshold

pore

pressure

Undrained 0.96 

64 Silica GAG 42.1 196 81 17 0.79 Contractive 

and dilative 

Undrained 0.96 

65 Silica GAG 57.2 196 104 13 0.87 Contractive 
and dilative 

Undrained 0.96 

66 Silica GAG 60.1 196 125 23 0.78 Contractive 

and dilative 

Undrained 0.96 

67 Silica GAG 66.5 196 186 20 0.89 Contractive 

and dilative 

Undrained 0.96 

68 Silica GAG 69.1 229 193 36 0.81 Contractive 
and dilative 

Undrained 0.97 

69 Silica GAG 74.1 196 196 22 0.90 Contractive 

and dilative 

Undrained 0.97 

70 Silica GAG 70.3 200 207 29 0.86 Contractive 
and dilative 

Undrained 0.97 

71 Silica GAG 83.3 200 242 35 0.86 Contractive 

and dilative 

Undrained 0.97 

72 Osaka Natural 

grading 

40.8 105 45 17 0.62 threshold

pore

pressure

Undrained 0.96 

73 Osaka Natural 

grading 

43.3 196 83 22 0.73 threshold

pore

pressure

Undrained 0.97 

74 Osaka Natural 

grading 

56.5 290 123 30 0.76 threshold

pore

pressure

Undrained 0.96 

75 Osaka Natural 

grading 

60.3 374 166 30 0.82 threshold

pore

pressure

Undrained 0.98 

2.3 Sample preparation and testing procedure 

Oven dried specimens having the desired uniformity coefficients were placed in the shear box by moist 
tamping method, a method chosen to decrease the possibility of particle segregation.   Thereafter, test 

specimens were saturated with water. To achieve a BD value of at least 0.95, which was the minimum 
acceptable value used in this study, carbon dioxide was first introduced into the samples, at a slow rate, for at 

least one hour, after which, de-aired water was introduced, again, at a slow rate, to ensure adequate saturation. 

BD parameter – the ratio of change in pore pressure and change in normal stress ( u/ ) over a specified 
period of time – was the standard parameter used in assessing the degree of saturation of the test samples 
(Sassa 1988).  



Obtaining the BD parameter involved a simple process of consolidating the samples at 49 kPa normal stress 
in drained condition, and increasing the normal stress to 98 kPa in undrained condition when a constant value 

of vertical displacement signaled the end of the consolidation process which lasts an average of 60 minutes. 

The resultant increase in pore pressure (from zero to a certain monitored value), u, divided by the 

corresponding increase in normal stress (from 49 kPa to 98 kPa), , is the BD parameter. Specimens were 
considered fully saturated if the BD was equal to or greater than 0.95. The objectives of the present research did 

not permit over-consolidation of specimens. In the light of this, all samples were normally consolidated and 

thereafter, shearing was performed by incremental loading of shear stress at the rate of 0.98 kPa/sec. 

3. Test results 
       The test results are summarized in Table 2 .Two main behaviors were observed. Specimens in loose state 

responded to undrained shearing in a purely contractive manner while specimens in medium-dense to dense 
states responded in a dilative way. Grading affected the behaviors of the specimens as presented below. 

3.1. Purely contractive behavior 

Narrowly graded, intermediately graded and well-graded specimens in loose state all responded to undrained 
shearing in a purely contractive manner characterized by the attainment of peak strengths at small shear 

displacements and the rapid reduction of those strengths to very low values at steady state. This type of 

behavior has been referred to in this paper as mass-liquefaction (flow-liquefaction) in contrast to the sliding 
surface liquefaction introduced by Sassa (1996). Although all NAG, ING, and WG specimens in loose state 

exhibited purely contractive behaviors, there were still some obvious differences, arising from their differences 
in grading. These differences are expounded below. 

A narrowly graded specimen consolidated at 220 kPa to a relative density of 29.5 % is presented in Fig. 3. It 

may be seen that soon after reaching a peak resistance of 49 kPa at 1.6 mm (point marked P), it underwent 
rapid loss of strength that saw its resistance decrease to about zero (point marked S) and remained so until 

shearing was terminated at 10 m shear displacement. By having its shear strength reduced to zero after failure, 
the specimen acquired a brittleness index of 1.0. The entire behaviour leading to zero or almost zero steady 

state strength has been termed complete liquefaction in this paper. 

Fig. 3 Typical Complete liquefaction behavior of NAG specimen Dr = 29.5 % 



A similar test on an intermediately graded specimen (ING) yielded a different result (Fig. 4). A specimen 
consolidated at 202 kPa and having a relative density of 29.2 % was loaded by incremental addition of shear 

stress at the rate of 0.98 kPa/sec. It could be observed that after the specimen reached its peak strength of 54 

kPa at about 1 mm (point P in Fig 3b) its shear resistance suffered severe and rapid reduction until the 
resistance became 5 kPa at around 10 mm and remained so until the test was terminated at 1 m of shear 

displacement. For considerably losing its shear resistance, the specimen had a high brittleness index of 0.91. 

The corresponding pore pressure increase, within the period under consideration, is noted. By 10 mm shear 
displacement pore pressure had risen to a value as high as 187 kPa, which was about 93 % of the normal stress. 

Fig. 4 Undrained response of ING specimen Dr = 29.2 % 

The behaviour of a well graded specimen consolidated at 196 kPa to a relative density of 29. 5% is presented 
in Fig. 5. It may be seen from Fig. 5a that after the specimen reached peak shear strength of 60 kPa, the sample 

appeared to have collapsed and underwent rapid loss of resistance until it attained its steady state strength of 
about 12 kPa (point S bin Fig. 5) where deformation continued without further changes to both shear resistance 

and effective stress. As a result, the specimen acquired a high brittleness index of 0.80.  Careful examination of 

the pore pressure changes within the period under consideration show that the specimen mobilized its peak 
strength (P) at 1.77 mm displacement; at which point pore pressure had risen to 60 kPa. Soon afterwards, the 

pore pressure rose further to 177. kPa (at point M in Fig. 5b), which amounted to a pore pressure ratio of   0.88, 
and remained constant until the experiment was terminated at 10 m. The sample is thought to have liquefied 

because of the high excess pore pressure built-up and the consequent low effective stress attained in the process.  

Similar tests on loose specimens were carried out at different initial normal stresses. The brittleness index 

( IB = 
p ss

p

 )of the specimens plotted against normal stress is shown in Fig. 6. It may be seen from the 



Figure that at every normal stress, the brittleness index of the narrowly graded specimens is unity. Among the 
specimens, the well graded specimens have the lowest brittleness index.  Similarly, the plot of normalized peak 

and steady state strengths against uniformity coefficient (Fig. 7) show that the higher the uniformity coefficient, 

the higher the peak and steady state strengths.  While the steady state strengths of the three narrowly graded 
specimens all plotted on zero, those of the well graded specimens plotted on values greater than zero. Of the 

three intermediately graded specimens, one liquefied completely and as a result its steady state strength plots 

on zero. Two others did not undergo complete liquefaction; Fig. 7 shows that their steady state strengths plot on 
values greater than zero.  

Fig. 5 Undrained response of WG specimen Dr = 29.5 % 

Fig. 6 The brittleness index of the loose specimens plotted against normal stress 



Fig. 7 Relationship between uniformity coefficient and normalized strengths of loose specimens 

To investigate the volume changes associated with these loose sands, two drained tests were performed. Fig. 

8 is the result of a drained test on a narrowly graded specimen. Close examination of the result of the test 
(Fig.8) of a specimen consolidated at 200 kPa to Dr = 32.2 %, shows that soon after shearing commenced, the 

specimen first suffered considerable volume reduction until around 30 mm from which point the sample 

underwent less volume reduction until the test was terminated at 10 m. Volume reduction before the peak 
(point P in Fig. 8) where the sliding surface is formed (Wafid et al., 2004) will be caused by the collapse of 

metastable structure. The major cause of volume reduction after the peak might be grain crushing along the 
sliding surface, especially after a certain shearing point (point M in Fig. 8), where the effect of collapse might 

not exist anymore. 

Fig. 8 Drained response of NAG specimen. Dr = 32.2 %  



A similar drained test performed on a well graded specimen consolidated at 196 kPa to Dr = 30.2 % (Fig. 9) 
shows that soon after shearing commenced, the sample first suffered considerable volume reduction until about 

30 mm from which point the sample underwent little volume reduction until the test was terminated at 10 m. A 

comparison of the two drained tests is attempted in Fig. 10. The Figure shows that the volume reduction in the 
NAG specimen is slightly higher than that of the WG specimen. It is difficult to imply that that the greater 

volume reduction in NAG specimen is due to grading from only two drained tests.   

Fig. 9 Drained response of WG specimen. Dr = 30.2 % 

Fig. 10 Drained behavior of WG and NAG specimens compared 



3.1.1 Influence of gradation on the collapse line 

One of the objectives of the present study was to investigate the sensitivity of the position and slope of the 

collapse line to changes in uniformity coefficient in hopes of adding to what is already known about conditions 

necessary for liquefaction. Although research on the mechanism(s) controlling the initiation of liquefaction 
failure in loose, saturated, sands has been going on for decades now, not much is known about the conditions 

necessary for liquefaction and the characteristics of liquefiable materials.  

Attempts at identifying points in a stress space diagram which could trigger flow liquefaction in granular 
materials have led to a number of beneficial concepts including the collapse line and the critical stress ratio 

concepts. Sladen et al. (1985) while proposing the concept of collapse surface observed that the peak strengths 
of a soil consolidated to the same void ratio at different initial confining stresses lay on a straight line passing 

through the steady-state point. On the basis of some strong evidences, they reported that the position of the line 

was a function of only void ratio. While Ishihara (1993) and Sasitharan et al. (1993, 1994) have made similar 
observations, there are other works where the position of the collapse line has been represented differently. 

Vaid and Chern, (1985) and Alarcon-Guzman, Leonards and Chemeau (1988) have reported that the critical 
stress ratio (CSR) line, a line which passes through the peak strengths of a soil at different initial confining 

stresses and which may be extrapolated through the origin of a given stress diagram was independent of initial 

void ratio. In the same vein, Vasquez-Herrera et al. (1988) and Negussey et al. (1988), Vaid et al. (1990), 
Konrad (1993), have not only reported the existence of the line which passes through peak strengths through 

the origin but have shown that any attempt by effective stress paths to cross this line could trigger flow 

liquefaction. A similar investigation by Mohamad and Dobry (1986) found that the stress ratio at which flow 
failure is triggered was independent of relative density and, as a consequence, that the critical stress ratio line or 

the collapse line extrapolates through the origin of a stress space diagram. 

Fig. 11 Influence of gradation on the line collapse line 



Figs. 11 a, b, c show that while the slope of a line that tends to pass through the peaks to the origin of the 
shear resistance-effective stress space diagrams appear to be greater in the well graded specimens (Fig. 11 c) 

than in the Intermediately and narrowly graded specimens (Fig. 11 a, b), there is no strong indication that 

grading affects the position of the line. It may be seen that the position of the line is essentially the same in the 
well-graded, intermediately graded, and narrowly graded materials with all the materials characterized by a 

collapse line extrapolating through the origin through the peak points. 

4.2 Dilative behavior 

4.2.1 Specimens in medium-dense state 

Typical result in which dilative behaviour was observed in narrowly graded specimens is shown in Fig.12. It 

could be seen from Fig. 12, which represents the behaviour of a specimen with a relative density of 44.2 %, that 
the mechanical behaviour of a medium-dense narrowly graded specimen is clearly different from that of a 

narrowly graded specimen in loose state. Whereas narrowly graded specimens in loose state suffered complete 
liquefaction (because their steady state strengths were zero) the specimens in medium-dense state has relatively 

high steady state strength.  

Fig. 12 Shear behavior of medium-dense NAG specimen. Dr = 44.2 % 



The specimen under consideration attained peak resistance of 93 kPa after barely dilating, and subsequently 
mobilized steady-state strength of about 40 kPa after failure (Fig. 12a, b). Soon after failure, precisely at 10 mm 

corresponding to 102 seconds, the pore pressure had risen to 136 kPa, which was about 68% of the total normal 

stress (Fig. 12c). The peak strength may be relatively low, as we shall soon see, but its steady state strength is 
certainly high. Why such a reversal of fortune in medium-dense state? Why would a sample type that is prone 

to complete liquefaction in loose state turn around to have high steady state strength in medium-dense state?  

While seeking answer, tests were conducted at different normal stresses at the same relative density. Fig. 13 
shows that although the narrowly graded specimens may have different peak strengths, their steady state 

strengths were always around 40 kPa.  

Fig. 13 Undrained response of medium-dense NAG specimens at about Dr = 44.2% at different effective 
normal stress 

A specimen of the intermediately graded samples, having a relative density of 44.3% is shown in Fig. 14 It 

attained peak resistance of 81 kPa after dilation. Upon failure, its strength was reduced to a steady state value 

of about 32 kPa after 10 m of shear displacement. Tests were then conducted at different normal stress levels 
on specimens having the same relative density. Fig. 15 shows that although the normal stresses are different, 



they all reached the same steady state strengths of about 32 kPa. It may be noticed from Figs 13 and 15 that 
with the exception of the specimen at a normal stress of 196 kPa, the peak strengths of the intermediately 

graded specimens are higher than those of the narrowly graded ones. But, the steady state strengths of the 

intermediately graded specimens are lower than those of the narrowly graded ones. 

Fig. 14 Shear behavior of medium-dense ING specimen. Dr = 44.3 % 

A stress path of a well-graded specimen, under effective normal stress of 202 kPa, which had a relative 

density of 44.3 %, is shown in Fig. 16a. Once the stress path reached point PT, it dilated and attained peak 



strength of 107 kPa at 11 mm (shear displacement), after which, the specimen failed and had its resistance 
quickly reduced to a residual value of 23 kPa after 10 m of displacement. The rapid reduction of shear 

resistance after failure observed in the specimen under consideration might have resulted from particle crushing 

at the shear zone, and the consequent high pore pressure increase. The rapidity of pore pressure increase was 
such that at about 5 m shear displacement corresponding to 130 seconds, the pore pressure had risen to 177 kPa, 

which was about 88.5% of the normal stress imposed on the specimen (Fig. 16 b, c). The mode of behaviour 

after failure whereby the resistance of the specimen was rapidly reduced to a small residual value is especially 
typical of the WG specimens containing larger particle sizes. Tests were conducted at different normal stresses 

on specimens having the same relative density Fig. 17 shows that the WG at different normal stresses have 
different peak strengths (which are higher than those of both the ING and NAG specimens) but reach the same 

steady state strengths of about 23 kPa (which are lower than both the ING and NAG). It should be recalled that 

in loose state, well graded specimens had higher steady state strength. In medium-dense state however, the 
behaviour is reversed.   

Fig. 15 Undrained response of medium dense ING specimens at Dr = 44% at different confining stress 



Fig. 16 Shear behavior of medium-dense WG specimen (a)stress path Dr = 44.3 % 

Fig. 17 Undrained response of medium-dense WG specimens at Dr = 44.3% different effective normal stress 



Fig. 18 Shear behavior of medium-dense GAG specimen Dr = 57.2  % 

The result of a gap graded specimen is shown in Fig. 18. It may be observed from the Figure that even at a 
relative density of 57.2 %, the gap graded specimen has very low steady state strength.  

3.2.2 Specimens in dense state 
The specimens in dense states appear to follow the same pattern of behaviour observed for medium-dense 

specimens. Fig. 19 shows that a narrowly graded (NAG) specimen consolidated at 196 kPa to a relative density 
of 74.1 %, contracted first and then dilated to peak strength of 243 kPa. After failure, its strength was reduced 

to 100 kPa at 10 m of shear displacement. An intermediately graded (ING) specimen at the same initial 

conditions attained peak strength of 233 kPa and steady state strength of 86 kPa (Fig. 20). A well graded (WG) 
specimen having Dr = 66.5 %3(Fig. 21) attained peak strength of 235 kPa and a steady state of 52 kPa. A gap 

graded specimen having Dr = 74.1 % has a peak strength of 196 kPa and steady state strength of 22 kPa (Fig. 

22).
The results of the tests conducted on medium-dense and dense specimens are summarized in Fig. 23. The 

Figure, which contains only data acquired at an initial effective normal stress of about 200 kPa, shows that 
there are significant differences between their peaks in medium and dense states; the differences appear to 

widen as density increases. This may imply that the effect of grading on their peak strengths may be significant 

for only densities above a certain limit. The proximity of peak strengths of narrowly and intermediately graded 
specimens may find explanation in the closeness of their uniformity coefficients. While the peak strengths of 

dense intermediately graded specimens approach those of dense narrowly graded ones, the well-graded 
specimens at the same state move away. On the basis of the results presented in Fig. 23 (a) it is evident that at 

the same relative density and effective normal stress, well-graded specimens have higher peak shear strengths 

than the other specimens.  
In what may amount to a reversal of behavior, well graded specimens, which contain some quantity of 

relatively large particle sizes, can be observed in Fig. 23b to have lower steady state strength than the 



intermediately and narrowly graded which are composed of only finer sizes.  Test results seem to indicate that 
the degree of crushing or breakage is heavily dependent on the size of particles of which the specimens are 

composed (Marsal, 1967; Lee and Farhoomand, 1967; Hardin, 1985; Lade and Yamamuro, 1996; Wang, 1998). 

Fig. 19 Shear behavior of dense NAG specimen Dr = 74.1 % 

Fig. 20 Shear behavior of dense ING specimen Dr = 74.3 %  



Fig. 21 Shear behavior of dense WG specimen Dr = 66.5 % 

Fig. 22 Shear behavior of dense GAG specimen Dr = 74.1 % 



Fig. 23 The relationship between relative density and shear strength (all specimens at effective normal stress of 

about 200 kPa)  

Analyses have shown that, at the same initial state, well-graded sands have higher peak strengths than poorly 

graded ones, the difference increasing as the sands become denser. In an interesting reversal however, it has 
been shown that in medium and dense states, the steady state strengths of well-graded materials are lower than 

those of the ING and NAG, the difference, again, increasing with relative density (Igwe et al., 2005b)  From the 
view point of public safety, the better graded soils in medium and dense states are more dangerous after failure 

because of their potential for large post-failure travel distances than the NAG, and ING specimens.. Theses 

results may aid engineers when they make decisions on what soils to use for civil engineering works; or 
scientists when they assess slope stability, investigate landslides, or plan prevention methods (Igwe et al., 

2004a; 2004b; 2005a; 2005b). 

4.0 Undrained response at a fixed effective normal stress 

4.1 When pore pressure parameter ADf = 1.0 ( A
u

Df

f

f

)

One of the major outcomes of the present study was the observation that by carefully altering the relative 

density of a material of any grading at a given effective confining stress, that material could become dilative or 

purely contractive in behavior. Dilative specimens have distinct phase transformation and peak stress states (as 
may be seen in Fig. 19a and other Figures representing medium to dense specimens). Purely contractive 

specimens are defined by only distinct Mohr Coulomb failure line (as seen in Fig. 3a and all other Figures 
representing loose specimens). 

However, in between these two fundamental behaviors is a relative density at which the phase transformation 

and peak stress states tend to coincide because excess pore pressure and shear resistance became equal at the 
phase transformation point and not only remained equal but essentially constant until failure, thus establishing a 

threshold state at a small shear displacement (Fig. 24a, b). The equality and subsequent constancy of excess 

pore pressure and shear resistance, which started at about 2 mm and continued until the sample failed at 10 mm 



shear displacement, are typical characteristics of specimens that tend to form a transition region by demarcating 
the contractive from the dilative behavior. The specimen under consideration in Fig. 24 is normally 

consolidated silica sand (GAG) specimen with a relative density of 42.1 %.  

Fig. 24 Typical behavior of a sandy specimen when the ratio of change in shear resistance at failure and the 

corresponding change in effective stress is unity Dr = 42.1%; 

Fig. 25 Threshold stress paths of silica sands at different effective normal stresses 



Further investigations at different effective normal stresses show that the behavior was not restricted to gap 
graded (GAG) sands as may be seen in Fig. 25 which displays the stress paths of a WG specimen consolidated 

at 105 kPa to a relative density of 39.5 %, a GAG specimen consolidated at 196 kPa to a relative density of 

42.1 %, and a NAG consolidated at 290 kPa to a relative density of 55.2 %.   
A sandy soil, known as Osaka Formation, from a landslide site was then studied under the same initial 

conditions as the silica sands. Results of the study show that the phenomenon of u/ at failure also 
occurred in the natural soils (Fig. 26). It may be seen from Figs 25 and 26 that. the higher the normal stress, the 

greater the relative density at which this threshold state is observed.  

Fig. 26 Threshold stress paths of Osaka FM specimens at different effective normal stresses 

Fig. 27 The effect of relative density on the response of the NAG sands and the position of the threshold state 

 (1) Dr = 74.3 %, (2) Dr = 64.5 %, (3) Dr = 56.2 %, (4) Dr = 42.5 %, (5) Dr = 29.5 % 



At any given effective normal stress these threshold states, characterized by the equality and subsequent 
constancy of pore pressure and resistance at failure appear to form a boundary between the purely contractive 

and dilative specimens. Fig. 27 shows the stress paths of NAG specimens at a fixed effective normal stress. 

Any specimen exceeding the threshold pore pressure at failure undergoes purely contractive behavior. 
Specimens having pore pressures lower than the threshold value dilate.  

If increasing density leads to increasing difference between pore pressure and shear resistance at failure, then, 

the converse will also be true. A decrease in the density of a dilative specimen will decrease the difference 
between pore pressure and shear resistance at failure. As density is decreased further, a time reaches when the 

pore pressure and shear resistance at failure will become equal (Fig. 28a, b). This situation establishes a 
threshold state and appears to form a boundary between the dilative and the contractive specimens and in doing 

so. Define a transition condition for all specimens under the same effective normal stress.  Specimens denser 

than that for which a threshold condition was defined would dilate, while those looser than the critical would 
collapse and show purely contractive behavior. In Fig. 29, similar interpretation may be drawn. Starting from 

dense, it may be seen in Fig. 29 that specimen A with Dr = 66.4 % has distinct peak failure and phase 
transformation lines. This is similar to specimen B with Dr = 66.2 %.  

Fig. 28 The effect of relative density on the response of the NAG sands and the position of the threshold state 
 (1) Dr = 74.3 %, (2) Dr = 64.5 %, (3) Dr = 56.2 %, (4) Dr = 42.5 %, (5) Dr = 29.5 % 

As the sample is made looser, a point reaches when, as in specimen C, peak failure and phase transformation 

lines coincide because the sample experienced very little dilation. After this particular specimen, all other 
specimens can only posses a Mohr Coulomb failure line (or a steady state line) with a complete absence of a 



phase transformation line. Although this will be treated in a different section, it may be important to note here 
that a line drawn through the phase transformation points of the specimens that first contracted and then 

dilated; and through the steady state of the purely contractive specimen, extrapolates through the origin of the 

shear resistance-effective stress diagram (Fig. 29). 

Fig. 29 The effect of relative density on the response of the ING sands 

4.2 Hypothesis 

Fig. 30 The theory of threshold pore pressure 



The hypothetic model used during the experimental investigation is presented in Fig. 30. Normally 
consolidated soils (Fig. 30 a, c) at same confining stresses will follow stress paths in Fig. 30 (a) and Fig. 30 (c) 

respectively depending on the material state of the samples. For these samples, the conditions at PT line are 

such that a dilation potential index, ADf, (ADf =  uf/ f) are  and = 1 respectively. The conditions prevailing 
at Fig. 30 (c) are recognized in this paper as a threshold state. If however, the soil is made in such a way that 
ensures the stress path follows as in Fig. 30 b, the specimen may not go through the phase transformation stage 

because its ADf would clearly be greater than one. The specimen may, instead, collapse and liquefy.  

The present concept (of threshold pore pressure) underlines the fact that the magnitude of excess pore 
pressure from the outset of any undrained test determines whether or not a given specimen will pass through 

the phase transformation stage. The fate of specimens whose excess pore pressures are not big enough to 

induce outright flow liquefaction and avoid reaching the PT line, depends on the ratio u/  If this ratio is 
unity, pore pressure and shear resistance should remain the same until failure occurs, meaning that the 
specimen neither dilated nor contracted until failure or that the specimen experience the least dilation possible 

at a given effective stress. The PT line of such a specimen may be approximately equal to its peak failure line 

because the state of stresses at the PT point approximately coincides with those at failure. This condition should 
define a threshold situation. All other stress paths above this threshold should dilate, while other stress paths 

below it should show purely contractive behavior.  
It is reasoned that whenever the PT line coincides with the peak failure line of a specimen at a given 

effective normal stress, the specimen dilates the least. And the shear properties of such a material will define 

the boundary between two important soil behaviors: dilation and flow liquefaction.  A possible merit of the new 
idea lies in the fact that the defining parameters considered threshold may be adequately represented in a stress-

strain-void ratio space, and interpreted with references to some experimentally measurable quantities. Unlike 

abstract analogies, the reference parameters in the idea under consideration may be directly observed and 
measured. Such a quantitative analytical procedure may be easily verified by competent colleagues elsewhere.  

Equally important is the fact that the threshold pore pressure (the pore pressure required at the phase 
transformation line to ensure that a specimen dilates the least) can be quickly but conditionally calculated with 

as small as one good laboratory test at a known effective stress. The conditions for a reliable calculation 

include: 1) the specimen must be fully saturated; 2) the test must be monotonically loaded undrained; 3) Mohr 
Coulomb failure criterion must be applied. If, and when these conditions are satisfied, threshold pore pressure, 

uc, as used in this paper may be calculated from the following equation:    

)tan1/(tancu

Where cu
 is the threshold pore pressure,  is the normal stress used in the undrained test, and  is the friction 

angle of the material at a given normal stress . This is the amount of excess pore pressure that must be 
exceeded before flow liquefaction failure of the sands can be expected. 

Fig. 31 shows the relationship between the ratio u/  at failure and normal stress. It may be seen that the 

specimens with u/  = 1 forms a boundary between purely contractive specimens whose u/  >1, and 

dilative specimens whose u/   <1. 

Fig. 31 Relationship between u/ t at failure and normal stress for all grading 



On the basis of presented evidence, a transition model for the specimens is presented in Fig. 32.  Starting from 
dense, Fig. 32a has a distinct peak failure and phase transformation lines. A systematic decrease in density will 

lead to a less dense specimen with the PT line and peak failure line getting closer to each other for every 

decrease in density as may be seen in Fig. 32 b. As density keeps reducing a time should come when peak 
failure line and PT will coincide; the specimen will experience the least dilation possible at the given effective 

normal stress as in Fig. 32c. The value of pore pressure (about 81 kPa) in Fig. 32c is known in this paper as 

threshold pore pressure. Attempts to exceed the threshold pore pressure should lead to collapse and flow 
behavior. Such soils will have only Mohr Coulomb failure line because there will be no phase transformation 

point. A direct transition from dilative behavior to a purely contractive behavior (a to c in Fig. 32) is thought to 
be incompatible with the present concept.  

Fig. 32 Model of soil transition 

5. Comparison of friction angles at various states 
The friction angles at threshold, phase transformation, steady state, and peak are compared for the sands 

investigated (Figs. 33, 34, 36). Fig. 33(a) shows the relationship between friction angle at phase transformation 
(PT) and relative density. It may be seen from the figure that although the friction angle at phase transformation 

(PT) might be slightly affected by relative density, all data are within 36.2  0.7 . Therefore, it can be 

approximated to be a constant at around 36.2  in practical usage. Fig. 33(b) shows the relationship between 

friction angle at threshold state and relative density; where the values are in the range of 36.1  0.4 . Fig. 33(c) 

is the relationship between friction angles at steady state (SS) and relative density. The values appear to be 

independent of both grading and relative density. The range of values are within 36.2  0.7 .
Fig. 34 is the relationship between friction angles at steady state, phase transformation, threshold state and 

relative density for all grading. All values of the three friction angles (  at PT,  at SS, at threshold) are close 

to one another and exist within 36.2  0.7    The number of the friction angle at the threshold state is not 
enough. However, all plots fall in the distribution of friction angles at steady state. This is probably because 

grain crushing and the resulting change in grading do not affect the friction angle, which in turn might be 

because the minerals making up the samples are the same and angularity remains almost the same although the 



sizes of grains and grading might change. The friction angles at phase transformation (before peak, where grain 
crushing is at minimum) fall in the same range of the friction angles at the threshold state and the steady state. 

This is also because grain crushing and the resulting change in grading have little or no effect on the angles. It 

can be said that under no positive or negative pore water generation state which may occur at the phase 
transformation point before failure, at failure point in the threshold state, at the steady state point (after failure) 

where all grain crushing has been completed, the mobilized friction angles are almost same even though 

grading are different. 

Fig. 33 Relationship between the friction angles at phase transformation, threshold state, steady state and 

relative density  



Fig. 34 Relationship between the friction angles at steady state, threshold state, phase transformation and 

relative density 

Fig. 35 Effective stress paths of (a) WG (b) ING (c) NAG specimens 



Sassa (1988, 2000) proposed the friction angle during motion ( m) as the friction angle mobilized during 
motion of landslides. However, he did not mention that this value remains constant. This research shows (as 

shown in Fig. 35) that this friction angle during motion remains constant from the initial stage of movement to 
the steady state even though grain crushing and the resulting change in grading are associated with the 

movement. Fig. 35 shows the stress paths of WG, ING, and NAG specimens with various relative densities at a 
normal stress range of 196 kPa to 204 kPa. Fig. 32(a) shows that the friction angle at phase transformation state 

and steady state are approximately equal with a value of 36.3  Fig. 32 (b) shows that the friction angles are 

approximately equal with a value of 35.7   Fig. 32 (c) the friction angles are also approximately equal with a 

value of 35.6 .
This finding may broaden the range of application of the friction angle during motion. The finding that the 

value of friction angle during motion is almost same with the friction angle at the threshold state, and 

practically same with the friction angle at phase transformation will provide a significant merit in the prediction 

of landslide mobility and hazard area because both friction angles at threshold state and phase transformation 
can be obtained by the conventional shear box test. Especially, the friction angle at phase transformation can be 

obtained by a single test by the shear box test; which will be a very convenient process.  
The relationship between friction angle at peak and relative density is presented in Fig. 36. The friction 

angles at peak for all grading increase with relative density. This result is quite different from those obtained 

with the friction angles at steady state, phase transformation and threshold state. 

Fig. 36 Relationship between friction angle at peak and relative density 

6. Conclusions 

Based on the test results and their interpretation, the following conclusions are drawn: 
1. There is a threshold state, which forms a transition region between sands that contract from those that dilate. 

The threshold state is characterized by the unity of the ratio u/  at failure; and the ratio is independent of 
both initial confining stress and grading of specimens. The possibility of specimens exhibiting either 

contractive or dilative behaviours seems to depend on whether or not the threshold pore pressure is 
exceeded. When exceeded, specimens tend to collapse and liquefy. When the contrary is the case, 

specimens tend to dilate. The threshold pore pressure may be expressed as uc = (  tan /1+tan ) deduced 

from the relationship u = at failure, where uc denotes the critical pore pressure,  represents the total 

normal stress, and  stands for the angle of internal friction. 

2. Well-graded specimens in medium-dense to dense states have higher values of peak strength than the rest of 
the specimens at the same condition, with the difference appearing to increase with relative density  The 

values are ranked as WG> ING>NAG>GAG. Better interlocking of particles at contacts achieved by mixing 



a wide range of particle sizes in the well-graded specimens is thought to be responsible for the higher peak 
strength values associated with the well-graded specimens.  

3. The steady state strengths of specimens in loose state showing collapse behavior are very small or almost 

zero  The steady state strengths of specimens in medium to dense states have greater values in proportion to 
the relative densities. The values are affected by grading of sands and ranked as NAG>ING>WG>GAG. It 

is noted that whereas the steady state strengths are affected by grading, the friction angle at steady state is 

not affected by grading as stated in conclusion 8 below.  
4. It is noted that widely graded specimens have greater peak shear strengths than poorly graded specimens of 

NG and ING. On the contrary, the steady state strengths of well graded specimens are smaller than those of 
poorly graded specimens. It may be interpreted as fine particles can exist within big pores of coarse 

particles in well graded specimens. So the packing of grains in well graded specimens is dense, it will 

increase difficulty of overriding of grains in shearing. Accordingly the peak shear resistance will be 
increased. Difficulty of overriding is likely to result in greater possibility of grain crushing during shearing. 

It may generate high excess pore water pressure and result in lower steady state shear strengths. 
The post-peak behaviors of these samples are important from the viewpoint of public safety. It is noted that 

although well-graded samples have higher peak strengths, their low steady-state strength may pose a serious 

safety concern because of their potential for long travel distances.   
5. Gap graded specimens have the lowest peak and steady state strengths. The coarse and very fine grains in 

gap graded specimens may be packed in a way that permits the overriding of grains readily. The coarser 

grains are vulnerable to crushing, and as they crush or break, the finer particles tends to fall within the pores 
of coarse grains, making it denser but also resulting in a smaller steady state value due to high pore water 

pressure.
6.  It is noted that specimens of a given grading at different initial normal stresses but having approximately the 

same relative density will all reach the same steady state strength

7. Friction at Phase transformation (PT) seems to be independent of grading. Similarly, the friction angle at the 
steady state (SS) appears to be independent of grading  

8. All friction angles at phase transformation, threshold state, and steady state are almost equal independent of 
relative density  

Grain crushing will proceed after failure resulting in change of grading during the process. However, it has 

been found by this research that change of grading during motion does not affect the friction angle during 
motion which is equal to the friction angle at phase transformation, threshold state and steady state. 

9. The friction angle at steady state ss is the key parameter for predicting the velocity and travel distance of 

landslides. The finding that the friction angle at steady state is close to the friction angle of phase 

transformation and threshold state will provide a significant merit in the prediction of landslide mobility and 

hazard area because the friction angles at phase transformation and threshold state can be obtained by the 
conventional shear box test.  
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Abstract: A model predicting the pore pressure change necessary for liquefaction failure of saturated soil 

masses in undrained condition is assessed. It is shown that a threshold pore pressure, uc, derived from the 

Mohr Coulomb failure criterion when pore pressure at failure is equal to the corresponding shear resistance 

is enough to initiate liquefaction type of failure in sandy masses. Loading tests to failure on source-area 

sandy soils from a catastrophic landslide location, undertaken to verify the model, show that under definite 

conditions of loading, a threshold state, characterized by the equality and subsequent constancy of pore 

pressure and shear resistance from a few seconds after the commencement of shearing until failure, devel-

ops in the sands at a given density. Samples in which the threshold pore pressure was exceeded readily liq-

uefied while those in which the pore pressure built-up was below the limit gained strength by tendencies to 

dilate. This paper demonstrates that while the stability of a slope founded on sandy soils may be breached 

when the pore pressure exceeds a certain limit, it is possible to make estimates of the limit. It is shown that 

where such estimates are accompanied with adequate field measurements of pore pressure, the efficiency of 

landslide prevention projects may be enhanced because only slopes whose stability is proven to constitute a 

real public threat are reinforced and reinforced adequately. 

1 INTRODUCTION 

1.1 Background

Landslides are vicious slope movements accounting for inestimable amount of loss, waste and damage in 

virtually every part of the world. Triggered by earthquake, volcanic eruption, intense rainfall, rapid snow-

melt, changes in water level, and even by the activities of man himself, it is very difficult, if not impossible, 

to overestimate their threat to public safety. They are known to have frequently breached the peace of cities 

and towns, sacked communities and villages, buried the wealth of rural and urban dwellers, wrecked count-

less hopes and dreams, harshly punished some sloppy structure designing, defied some inadequate preven-

tive measures, and produced endless catalogs of carnage. Landslides do not only destroy homes and hopes, 

they also deface and devalue historical, cultural, and entertainment facilities so dear to man. Taming their 

aggression and ruinous impacts, thereby rescuing the environment from a potential crisis, should, in point 

of fact, become a priority. Liquefaction of saturated soils, often regarded as the fundamental cause of flow 

slides, has been responsible for many of the tragedies resulting from slope failures. The intense mobility of 

liquefied soils, which permits movements that range from several tens of meters to several thousands of 

meters, almost always ensures that huge amount of resources is lost in the wake of a landslide disaster. 

Sound knowledge of the mechanism of liquefaction, the factors that influence the liquefaction potential of a 

mass of soil, and the characteristics of liquefiable soils, is a potent tool not only in landslide investigation 

and mitigation but also in the civil engineering industry. For indeed careful and rigorous assessment of the 

liquefaction potential of sands when selecting them for embankments, dams, foundations, and roads is a 

tradition of immense importance in the construction industry. And because a great deal of failures of earth 

structures, foundations, and slopes founded on sands have been attributed to the liquefaction of the sands, 

stakeholders in environmental protection and urban development seem to have elevated the importance of 

liquefaction-evaluation by placing it at the heart of their management policies. This elevation of importance 

has, in part, inspired intense research leading to, for instance, better knowledge of the factors and dynamics 

behind the failure of Fort Peck Dam in Montana in 1938, Calaveras Dam in California in 1920, the Lower 

Lan Norman Dam, the foundation failures induced by the 1964 earthquake in Alaska, USA, and Niigata, 

Japan, and the flow slides in the province of Zealand in Holland and Mississippi River. Ever since the 



widespread destruction arising from the 1964 earthquakes in Alaska, U.S.A. and Niigata, Japan dramati-

cally brought the subject of soil liquefaction to public awareness, considerable amount of research has been 

undertaken by several researchers, including Sassa, and colleagues at the Disaster Prevention Research In-

stitute, Kyoto University, Japan, who have used one of the most refined ring shear apparatuses to simulate, 

as closely as possible, the stress-strain conditions that develop on a mass of soil when it is subject to condi-

tions capable of triggering liquefaction.  

1.2 The problem 

Although liquefaction phenomenon has been the subject of a barrage of investigations and publications for 

decades now, its mechanism leading to large lateral displacements has yet to be fully understood. Questions 

such as – why do some soils collapse and liquefy whereas others, under identical stress conditions, dilate 

and gain some measure of strength; and what are the primary factors triggering liquefaction and flow fail-

ures, especially, in loose cohesionless soils, only serve to underscore the incompleteness of what research-

ers as yet know about soils liquefaction. Finding perfect answers has led to the emergence of a good num-

ber of beneficial concepts including Casagrande’s critical voids ratio concept. In spite of the emergence of 

these concepts, questions still remain, especially as to effective ways of relating the critical state of soils 

with essential soil parameters, such as pore pressure and shear resistance; there does not seem to have been 

any previous attempt to relate collapse and liquefaction to an experimentally-verifiable limit or critical 

value of pore pressure, above which collapse occurs and below which it does not. In this paper, two new 

concepts – the concepts of least dilation, and critical pore pressure – are introduced to interpret the 

undrained shear behavior of granular soils at a threshold density. It is shown that the characteristics of the 

soils so interpreted tend to define the boundary between contraction in loose, and dilation in dense soils 

held under same effective normal stress. This paper also demonstrates that while the stability of slopes 

founded on sandy soils may be breached when the pore pressure exceeds a certain limit it is possible to es-

timate the limit. Where such estimates are accompanied with adequate field measurements the efficiency of 

landslide prevention projects may be enhanced because only slopes whose stability is proven to constitute a 

real public threat are reinforced and reinforced adequately.    

1.3 Liquefaction and limited liquefaction 

Since not all slope failures are due to liquefaction, establishing a standard that enhances the prediction and 

identification of flow-type failures in the field will not only shed more light on the mechanism of soil lique-

faction but will also improve the efficiency of slope stability analysis. Literature is replete with studies, in-

cluding that by Ishihara (1993), attempting to establish such a standard. Following a summary of a good 

number of field and laboratory data, Ishihara (1993) proposed a threshold SPT N-value to distinguish be-

tween flow-type and non-flow type failure. Although researchers have made quality efforts at drawing a 

boundary between liquefaction and non-liquefaction, they have yet to find a common ground over what be-

haviors of sand, as observed in the laboratory, should be recognized as an important mechanism determin-

ing the occurrence or otherwise of flow-type failures in the field. It may be important to note that even 

though beneficial concepts, hypotheses, and postulates explaining the undrained behaviors of sands whose 

voids ratio exceed or fall below the critical density exist in the literature, there has yet to be a distinctive 

behavior associated with sand at critical density. Determining how sand at a critical density behaves during 

undrained loading may be important in understanding more about soil liquefaction.             

Three basic undrained behaviors of granular materials are very commonly referred to in geotechnical dis-

course: dilation, limited or partial liquefaction, and liquefaction, Fig. 1. The phase transformation line (PT 

line) as recognized by Ishihara 1993, is a line passing through points where contractive behaviors terminate 

and dilative behaviors begin, in specimens that first contract, and then dilate. Although the validity of lim-

ited liquefaction as a true soil behavior has been subjected to a considerable amount of doubt, debate and 

controversy, the three basic behaviors sketched above are not only a very useful means of characterizing 

granular soils but also an effective means of understanding the mechanism of slope failures. The occur-

rence of, and practical implication of the so-called limited liquefaction have been a contentious issue with 

two opposite views increasingly gaining currency. Sutter and Smith (1980) have reported that the occur-



rence of limited liquefaction is a function of how close the void ratio of a given material is to a critical void 

ratio. They have noted that whereas specimens with voids ratio considerably higher than the critical would 

almost certainly suffer complete liquefaction, those whose voids ratio are marginally higher or nearly equal 

to the critical would experience limited liquefaction. Sutter and Smith’s results are supported by those of 

Castro and Poulos (1977), and Poulos et al. (1985) who, while assessing procedures for evaluating the 

undrained steady-state strength of sands with results of undrained triaxial tests, have reported that the 

undrained strength of sands was dependent on only in-situ void ratio; and independent of either soil fabrics 

or loading methods. They conclusively showed that sands whose voids ratio exceeded a certain threshold 

value suffered liquefaction instead of the so-called partial liquefaction. 

Evidences from other works, however, seem to indicate that the occurrence of limited liquefaction does 

not depend wholly on the proximity of material density to the critical, but in part on the constraints offered 

by the testing apparatus, and test conditions (Mathew and John, 1991; Jude, 1998). It is this partial depend-

ence on apparatus constraints that has compelled some (like Jude 1997, Love 2000) to question the validity 

of limited liquefaction as a true soil behavior. In their elaborate argument, doubts have been raised over the 

possibility of observing, in the field, a material flowing and at the same time undergoing hardening. Those 

who support limited liquefaction as a true soil behavior have, however, tried to make sense out of the fre-

quency at which the behavior is observed. Relying heavily on the rate at which the behavior is observed on 

loose specimens during testing, they have vigorously demonstrated that the behavior is indeed a true char-

acteristic associated with the deformation of granular materials in undrained shear. In spite of these diver-

gent views, however, there seems to be a consensus that there exists a boundary between a purely dilative 

behavior and liquefaction, whether complete or limited liquefaction. But, that boundary has yet to be 

clearly assessed.  

Fig.1 A sketch of the three basic behaviors of granular materials (after Castro 1969) 

1.4 Objective and methodology 

In the light of the above, it is possible then to ask whether or not there should be a boundary between dila-

tion and liquefaction for material under same confining stress – limited liquefaction or complete liquefac-

tion; and what the defining parameters of such a boundary should be. The approach employed in this paper 

was to carefully alter the void ratio of specimens held under same confining stress in attempts to identify 

stress paths whose peak strengths would nearly coincide with their strength values at the PT line. Any 

specimen whose peak strength equals its strength values at the PT line will be identified as the least dilating 

at a given normal stress because its phase transformation line will be the same as its failure line. The char-

acters of such a specimen will then be used to define the boundary between dilation and liquefaction. Such 

a definition will permit adequate and logical interpretation of the behavior of soils as density is varied from 

dense to loose. It may instantly become obvious that if the density of a sand is gradually decreased, a den-

sity reaches where failure line and phase transformation line will coincide. Further decrease in density may 

lead to flow liquefaction behavior; with the ultimate consequence of having only a failure line as its promi-

nent feature.     
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2 THE SOLUTION:  HYPOTHESIS 

Fig 2 Schematic diagrams illustrating the concepts of least dilation and critical pore pressure (a) dilation (b)

critical (c) liquefaction  

Normally consolidated soils (Figure 2a, b) at same confining stresses will follow stress paths WX and WZ 

respectively depending on the material state of the samples. For these samples, the conditions at PT line are 

such that a dilation potential index, rf, (rf = up/ p) are  and = 1 respectively. The conditions prevailing 

at 2b are recognized in this paper as critical. If however, the soil is made in such a way that ensures the 

stress path follows WY as in Fig. 2c, the specimen will not go through the phase transformation stage be-

cause its rf would clearly be greater than one. The specimen will, instead, collapse and liquefy. It may be 

beneficial to note that a dilative specimen (Fig.2a) should have distinct phase transformation and peak 

stress states while contractive specimens (Fig. 2c) may be easily identified by just a distinct failure state. In 

between these two fundamental behaviors is a relative density at which the phase transformation and peak 

stress states should coincide to form a threshold state (Fig.2b). The present theory underlines the fact that 

the magnitude of excess pore pressure from the outset of any undrained test determines whether or not a 

given specimen will pass through the phase transformation stage. The fate of specimens whose excess pore 
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pressures are not big enough to induce outright liquefaction and avoid reaching the PT line, depends on the 

ratio up/ p at the phase transformation point. If this ratio is unity, pore pressure and shear resistance 

should remain the same until failure occurs, meaning that the sample will experience the least dilation pos-

sible at a given effective stress. The PT line of such a specimen will be approximately equal to its failure 

line because the state of stresses at the PT point approximately coincides with those at failure. This condi-

tion will define a critical situation. All other stress paths above this critical should dilate, while other stress 

paths below it should show contractive behavior. To enhance comprehension, the pore pressure at which 

this critical is observed will be called a critical pore pressure. If the ratio as seen above is less than one at 

the phase transformation line, the material will dilate significantly and its PT line will be different from its 

failure line.   

2.1 Experimental verification 

2.1.1 When failure and phase transformation lines coincide 

Artificially constituted silica sands and natural samples taken from the 1995 Takarazuka landslide (Fig. 3) 

that killed 34 people in Kobe, Japan were used to verify the concepts. Both the artificial and natural sam-

ples have similar physical properties, and indeed have almost the same friction angle.  

Fig. 3 Picture of the Takarazuka landslide that followed the Great Hanshin earthquake of 1995. 

Figures 4a and b are stress path and stress versus shear displacement respectively of a normally consoli-

dated gap graded silica sand material confined at 196 kPa with a void ratio of 0.89. The figures illustrate 

what happens whenever pore pressure at failure is equal to the corresponding shear resistance such that 

there is no distinction between the phase transformation stage and failure state because the specimen ap-

peared to have experienced the least dilation possible at the given confining stress. Excess pore pressure 

and shear resistance became equal at the phase transformation point and not only remained equal but essen-

tially constant until failure, thus establishing a threshold state at a small shear displacement (Fig. 4b). The 

equality and subsequent constancy of excess pore pressure and shear resistance, which started at about 2 

mm and continued until the sample failed at 10 mm shear displacement, are typical characteristics of speci-

mens that tend to form a transition region by demarcating the contractive from the dilative behavior.  
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Theoretically, it may be easy to see that any stress path below this critical will liquefy while any above 

will dilate. It may be noticed from Figure 4b that on becoming equal at the point that would have marked 



the phase transformation, pore pressure and shear resistance remained the same value until failure because 

dilation was obviously suppressed. If the specimen had dilated significantly, pore pressure and shear resis-

tance would not have remained same value until failure because while the former would have decreased, 

the latter would have increased making it impossible for the values to remain the same. The same behavior 

was found to be true in the Takarazuka specimens confined at 372 kPa and consolidated to a void ratio of 

0.77, Fig. 5a and b. 

2.1.2 When failure and phase transformation lines do not coincide  
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One case, among many cases, that typifies situations where pore pressure at the phase transformation stage 

is not equal to the corresponding shear resistance is illustrated in Fig. 8a and b. The consequence of this 

situation is that the specimens dilated and ensured that the phase transformation line remained different 

from the failure line. Fig. 6b illustrates the mechanism of dilation in a silica sand specimen consolidated to 

a void ratio of 0.82. The figure shows that because pore pressure at PT line is different from the corre-

sponding shear resistance, the specimen dilated, expressed as a decrease in pore pressure and a correspond-

ing increasing in shear resistance (highlighted in the circle). These changes continued until failure oc-

curred. For a denser specimen, the changes would even be more remarkable although they follow the same 

pattern. Because the difference between pore pressure and shear resistance at the PT line would be greater 

in a denser specimen, the dilation would also be higher than in Fig. 6a and b. As density increases, the dif-

ference increases too. A decrease in the density of a material will decrease the difference between pore 

pressure and shear resistance at the PT point. As density is decreased further, a time reaches when the pore 

pressure and shear resistance at the PT point will have the same value; and will remain the same until fail-

ure takes place (Fig.7) This situation establishes a threshold state and unambiguously defines a transition 

condition for all specimens under the same confining stress. Liquefaction occurs in loose soils because pore 

pressures generated in them during static loading tend to exceed the critical. The critical pore pressure, uc,

as used in this paper may be calculated from the following equation:    

)tan1/(tancu

Where cu  is the critical pore pressure, is the normal stress used in the undrained test, and  is the 

friction angle of the material at a given normal stress . This is the amount of excess pore pressure that 

must be generated before liquefaction failure of the sands can be expected. 

3 CONCLUSIONS 

1. Test results have shown that there is a critical or limit value of pore pressure, above which the sandy 

samples suffered sudden collapse and liquefaction, and below which they dilated and gained some measure 

of stability. 

2 Any specimen whose pore pressure at the phase transformation point equals the corresponding shear re-

sistance will dilate the least among other specimens held under the same confining stress. 

3. Once pore pressure becomes equal with the corresponding shear resistance at the PT point, they remain 

the same until failure and ensure that the specimen dilates the least at a given confining stress. 

4. One of the implications of these results is that some slopes are still sitting safe probably because a certain 

threshold pore pressure has yet to be exceeded. If such slopes must keep sitting safe, in situ pore pressure 

measurements followed with an adequate drainage regime should be a grave necessity.    
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